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A B S T R A C T 

In the recent years natural fiber reinforced composites are increasingly receiving at-
tention from the researchers and engineers due to their mechanical properties com-

parable to the conventional synthetic fibers and due to their ease of preparation, low 

cost and density, eco-friendliness and bio-degradability. Natural fibers such as kenaf 

or flux are being considered as a viable replacement for glass, aramid or carbon. Ex-

tensive experimental studies have been carried out to determine the mechanical be-

havior of different natural fiber types such as the elastic modulus, tensile strength, 

flexural strength and the Poisson’s ratio. This paper presents a review of the various 

experimental studies in the field of fiber reinforced composites while summarizing 

the research outcome about the elastic properties of the major types of natural fiber 
reinforced composites. Furthermore, the performance of a kenaf reinforced compo-

site plate is demonstrated using finite element analysis and results are compared to 

a glass fiber reinforced laminated composite plate. 
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1. Introduction 

Composite materials are playing an important role in 
the manufacturing of lightweight structural components 
in the recent years. The increase in the application of com-
posites as a structural material is mainly because of their 
superior mechanical properties compared to the regular 
structural materials such as steel and aluminum. The high 
stiffness and light weight of composites reduce the pro-
duction cost and increase the product quality. Carbon fi-
ber reinforced polymers (CFRP), boron/epoxy compo-
sites and glass fiber reinforced polymers are some of the 
most widely used composite material types in the light-
weight structures industry. However, despite their ability 
to deliver high structural performance these types of com-
posite materials do not have optimum recyclability and bi-
odegradability. In order to eliminate these shortcomings, 
the application of natural fibers reinforced composite ma-
terials has been proposed in the literature (Sanjay et al., 
2013; Holbery and Houston, 2006). Some of the ad-
vantages of using natural fibers over synthetic fibers are 
their worldwide availability and the ease of manufactur-
ing since natural fiber yielding plants are mostly available 

in nature in stringy forms. A wide variety of natural mate-
rials were reported to have the capability of serving as fi-
ber reinforcement in composites. Some of the most fre-
quently mentioned natural materials in the literature are 
hemp, jute, kenaf, sisal and banana leaf. Especially kenaf 
differentiates itself in this group of materials because of 
its abundant availability, low water usage and high ab-
sorption of carbon dioxide. 

Synthetic fiber reinforced composite plates have been 
mainly used as shell structures in aerospace, automotive 
and construction industries. On the other hand, due to the 
advancements in the natural fiber reinforced composite 
technology, these novel materials are being considered as 
viable replacements for synthetic composites in structural 
applications. Since buckling is a major failure mode of shell 
structures the buckling load is widely used as a performance 
indicator for this type of structural member. Therefore, the 
buckling response of natural fiber reinforced composites 
must be assiduously investigated in order to make a large-
scale deployment of these materials in the industry possi-
ble. In this study the buckling behavior of glass fiber rein-
forced laminated composite plates has been compared to 
laminates with various types of natural fiber constituents. 

mailto:cakiroglu@tau.edu.tr
https://doi.org/10.20528/cjsmec.2021.02.001
http://cjsmec.challengejournal.com/
https://orcid.org/0000-0001-7329-1230
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2. Mechanical Properties of Natural Fiber 
Reinforced Composites 

Akil et al. (2011) presented an overview of the general 
characteristics and the application of kenaf fibers as a 
composite constituent (Fig. 1). In this work kenaf was 
put forward as an alternative to replace glass as the fiber 
reinforcement because of the high energy consumption 
associated with the glass fiber production. Nishino 
(2004) reported that the energy needed to produce 1kg 
of kenaf is 15MJ while the energy required to produce 
1kg of glass fiber is 54 MJ. Moreover, it was observed that 
within three months of sowing the seeds kenaf plants are 
able to grow to a height of more than 3m and a base di-
ameter of 3 to 5 cm under various weather conditions 
(Aziz et al., 2005). Because of these circumstances kenaf 

as a fiber material has obvious economic and ecological 
advantages over glass. The mechanical properties of ke-
naf reinforced composites were studied by various re-
searchers. Some of the factors that affect the mechanical 
properties such as ultimate tensile strength or flexural 
modulus of the fiber reinforced composites are the type 
and orientation of the fibers (unilateral or randomly ori-
ented) as well as the fiber volume fraction and the type 
of resin in which the fibers are embedded. Ochi (2008) 
investigated the mechanical properties of biodegradable 
composites with unidirectional fibers made of kenaf and 
a PLA (polylactic acid) matrix. The kenaf used in the fab-
rication of the biodegradable composites was cultivated 
in two different ambient temperatures (22°C and 30°C) 
and the effect of the ambient temperature on the tensile 
strength of the fibers was studied.

 

Fig. 1. Kenaf plants (Akil et al., 2011).

In addition to the effect of the ambient temperature 
also, the effect of the location of the fiber on the plant i.e. 
its distance from the root was studied by dividing the ke-
naf in 500 mm sections and testing each section sepa-
rately. Besides the effect of the ambient temperature on 
the mechanical properties of kenaf also its effects on the 
growth of kenaf was examined. It was observed that at 
the end of 168 days, the height of kenaf grown in a 30°C 
environment was on average 1650 mm taller than kenaf 
grown in a 22°C environment. Moreover, the kenaf fibers 
taken out of the longer rods grown at 30°C were ob-
served to have greater tensile strength and elasticity 
modulus compared to the fibers taken out of shorter 
rods. A comparison of the average tensile strength of the 
fibers taken from the top 500 mm and bottom 500 mm 
of the kenaf rods showed that the tensile strength of the 
top fibers is 80% of the tensile strength of the bottom fi-
bers. Because the fiber tensile strength was found to be 
increasing with ambient temperature and inversely pro-
portional to the distance from the roots, only fibers taken 
from the bottom portions of the kenaf rods cultivated at 
30°C were used in the fabrication of kenaf fiber rein-
forced composite specimens that were tested in (Ochi, 

2008). The kenaf/PLA composites were found to have 
tensile and flexural strengths of 223 MPa and 254 MPa 
respectively. These values are in the same order of mag-
nitude with glass fiber reinforced composites (GFRP) 
(Naresh et al., 2018). In the experiments of Nishino et al. 
(2003) the Young’s modulus of kenaf/PLA (poly-lactic 
acid) composites was observed to be comparable to the 
Young’s modulus of synthetic fiber reinforced compo-
sites. The average fiber direction Young’s modulus of the 
kenaf reinforced composites in these experiments was 
reported as 6300 MPa whereas the Young’s modulus in 
the direction perpendicular to the fibers was on average 
1500 MPa. Andre et al. (2016) studied the effect of kenaf 
fiber volume fraction on the tensile strength and the 
Poisson’s ratio of the composites. It was observed that 
the highest tensile strength and Poisson’s ratio occurs at 
a volume fraction of 𝑉𝑓=0.42. According to the research 
data collected by multiple researchers in the field (Andre 
et al., 2016; Ku et al., 2011), a volume fraction around 0.4 
is a limit value after which the tensile strength of the 
composite material begins to decrease since the matrix 
is not filling the gaps between the fibers properly at 
these higher volume fraction values (Sawpan et al., 2013; 
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Dent et al., 2008). In the research carried out by Andre et 
al. (2016), the modulus of elasticity (𝐸𝐶) and Poisson’s 
ratio (𝜈𝐶) of the kenaf fiber reinforced composites were 
predicted using the equations developed by Tsai-Pa-
gano, Manera and Cox-Krenchel. The predicted values 
together with the experimental outcome can be seen in 
Fig. 2. 

Also, the predicted values of the Poisson’s ratio were 
compared to the experimental values as shown in Fig. 3. 

 

Fig. 2. Experimental and predicted tensile modulus for 
kenaf reinforced composite (Andre et al., 2016). 

 

Fig. 3. Experimental and predicted Poisson's ratio for 
kenaf reinforced composite (Andre et al., 2016). 

Another environmentally friendly fiber material that 
can be used in composites is flax. Oksman et al. (2003) 
studied the mechanical properties of flax/PLA compo-
sites (Fig. 4). In this study it was shown that as a matrix 
material for composites with flax fibers, PLA performs 
50% better than polypropylene (PP). The elasticity mod-
ulus and tensile strength reported in the experiments of 
Oksman et al. (2003) were 8300 MPa and 53MPa respec-
tively. Andersons and Spa (2016) carried out tensile ex-
periments with composites which consist of flax fiber 
mats embedded in polypropylene matrix in order to de-
termine the mechanical properties. The experiments 
were carried out with rectangular specimens (250 mm 
long and 25 mm wide) cut out of plates with 3 mm thick-
ness manufactured for these experiments. An average 
elasticity modulus of 8700 MPa was measured in these 

experiments. Pozzi and Sepe (2012) also carried out ten-
sile tests with flax fiber reinforced polymers in order to 
determine the elasticity modulus, tensile strength and 
Poisson’s ratio. In these experiments a tensile modulus 
of 7882 MPa and a tensile strength of 103 MPa were 
measured. The Poisson’s ratio was observed to vary with 
the flax fiber orientation angle in a range from 0.24 to 
0.51. 

 

Fig. 4. Flax fibers (Oksman et al., 2003). 

Another natural fiber material that was examined in 
the literature is hemp. Sawpan et al. (2013) carried out 
tensile tests with hemp fiber reinforced UPE (unsatu-
rated polyester) composites which is a type of natural 
composite that possesses low density and good stiffness. 
The result of these tensile tests can be seen in Fig. 5. 

 

Fig. 5. Stress-strain response of hemp reinforced UPE 
(unsaturated polyester) compo-sites at various fiber 

volume fractions (Dent et al., 2008). 

Fig. 5 shows the stress-strain response of hemp rein-
forced composites at four different levels of fiber volume 
fraction and the stress strain behavior of a matrix only 
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specimen. It can be concluded from Fig. 5 that the com-
posites with 20% fiber volume fraction have less tensile 
strength than the matrix only specimen, while the tensile 
strength tends to increase with the fiber content. The de-
crease in the tensile strength due to the addition of the 
fibers into the matrix is a subject that was investigated 
in the literature. (Piggott, 1994) introduced an equation 
that predicts the minimum fiber volume fraction (𝑉𝑓,𝑚𝑖𝑛) 
that leads to increased tensile properties as follows:  

𝑉𝑓,𝑚𝑖𝑛 =
(𝜎𝑚−𝜎𝑚

∗ )

(𝐾1𝐾2𝜎𝑓−𝜎𝑚
∗ )

 (1) 

In this equation, 𝜎𝑚 is the tensile strength of the matrix, 
𝜎𝑚
∗  is the strength of the matrix at the failure strain of the 

fiber and 𝜎𝑓 is the strength of the fiber. The values recom-
mended in the literature for the fiber orientation coeffi-
cient 𝐾1 and the stress transfer factor 𝐾2 are 0.2 and 0.96 
respectively (Bos et al., 2006; Kalaprasad et al., 1997). 

Lu et al. (2012) tested hemp fiber reinforced compo-
sites with high-density poly-ethylene matrix at fiber vol-
ume fractions between 20% and 40%. In these experi-
ments a maximum tensile strength of 60 MPa was ob-
served while the best mechanical properties were ob-
tained from the composites with 40% fiber volume frac-
tion. Moreover, the stiffness and fiber volume fraction 
were observed to be proportional to each other. A maxi-
mum elastic modulus of 2574 MPa was exhibited by 
composites with 40% fiber volume fraction. An overview 
of the mechanical properties of kenaf, flax and hemp fi-
bers reported in the literature is listed in Table 1. 

Table 1. Ranges of the mechanical properties of  
kenaf, flax and hemp fiber composites. 

Fiber Tensile strength [MPa] Young’s modulus [GPa] 

Kenaf 60 – 223 1.5 – 6.3 

Flax 53 – 103 8.3 – 8.7 

Hemp 60 – 65 2.6 – 16.3 

 

2.1. Mechanics of laminated composite plates 

Laminated composite plates are widely used in the in-
dustry due to the advantages they offer in terms of struc-
tural performance and cost reduction. These structures 
consist of a certain number of layers where each layer is 
made of a certain type of composite material. Some of the 
commonly used composite materials are carbon fiber 
composites, boron/epoxy composites and glass fiber 
composites whereas natural fiber reinforced composites 
such as kenaf reinforced composites are a newer addi-
tion to the list of composite materials. The performance 
of these structures is largely determined by the fiber ori-
entations and thicknesses of each layer. 

Fig. 6 illustrates a section out of a laminated compo-
site plate where 𝜃1 and 𝑡1 denote the fiber orientation an-
gle and the thickness of the first layer respectively. The 
long and short sides of the rectangular plate are denoted 
with a and b, and 𝑁𝑥 denotes the compressive line load in 
the x-direction. The stacking sequence optimization of 

laminates is an extensively studied area of research (De 
Almeida, 2016; Cakiroglu et al., 2020) that deals with 
finding the optimum sequence of fiber orientation angles 
and ply thicknesses that deliver the best possible struc-
tural performance or the lowest cost. In these studies, 
mostly the buckling load is used as a measure of struc-
tural performance. The buckling load of a laminate can 
be computed using the eigenvalue buckling analysis pro-
cedure implemented in the finite element analysis pro-
gram Abaqus. 

 

Fig. 6. Laminated composite plate  
under uniaxial compression. 

Fig. 7 illustrates the model of a rectangular laminate 
with the aspect ratio a/b=2, under uniaxial compression. 
The finite element mesh consists of reduced integration 
elements and the colour map shows the displacements 
(U) in the first buckling mode. On each side of the plate 
the constrained degrees of freedom are shown with let-
ters such that each letter indicates a constrained degree 
of freedom in the corresponding direction. The compres-
sive force is applied on the plate using a unit force which 
increases during the eigenvalue buckling analysis incre-
mentally and multi-point constraints (MPC). The MPC 
are applied in such a way that all the nodes on the right-
hand side of the plate go through the same amount of dis-
placement as the upper right corner node where the con-
centrated unit force is applied. 

2.2. Performance comparison between fiberglass and 
kenaf reinforced laminated composite plates 

In order to compare the performances of kenaf rein-
forced laminates with fiberglass composite laminates ei-
genvalue buckling analysis has been carried out using 
Abaqus. In this analysis optimized stacking sequences 
have been adopted from the study of Cakiroglu et al. 
(2020) and are listed in Table 2 for each value of the 
plate aspect ratio (a/b) where the angles have the unit of 
degrees and the layer thicknesses have the unit of milli-
meters. The same stacking sequences have been applied 
to both kenaf and glass reinforced composites for each 
aspect ratio.  

Table 2 shows the elasticity moduli of kenaf and glass 
reinforced composites where E1 denotes the elasticity 
modulus in the fiber direction and E2 denotes the elas-
ticity modulus in the direction perpendicular to the fi-
bers. The stacking sequences for the fiber angles and the 
ply thicknesses listed in Table 2 are the optimum stack-
ing sequences for 9 layered fiberglass laminates of dif-
ferent aspect ratios obtained through harmony search op-
timization. It can be seen that the GFRP plate performed 
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on average 4.37 times better than the kenaf reinforced 
plate in terms of buckling load. The comparison of the 

two materials in terms of buckling load is also visualized 
in Fig. 8.

 

Fig. 7. Boundary conditions in the eigenvalue buckling analysis. 

Table 2. Young’s modulus and buckling load values for kenaf and glass reinforced composites. 

Fiber Kenaf Glass 
Fiber orientation 
angle sequence 

Ply thickness 
sequence 

E1 [MPa] 6300 33000   

E2 [MPa] 1500 3100   

Buckling load [N]  
for a/b=1 

969 4201 
[-53, 34, 49, 
20, 61, -76, 

-29, 38, -45] 

[0.32, 0.1, 0.22, 
0.1, 0.11, 0.78, 
0.1, 0.42, 0.1] 

Buckling load [N]  
for a/b =2 

964 4237 
[41, 50, -50, 
-16, -83, 40, 
62, -51, -34] 

[0.1, 0.17, 0.43, 
0.1, 0.45, 0.63, 
0.1, 0.16, 0.1] 

Buckling load [N]  
for a/b =3 

962 4210 
[49, -47,68, 
45, -66, 60, 

52, -36, -42] 

[0.2, 0.26, 0.38, 
0.26, 0.1, 0.3, 

0.42, 0.1, 0.22] 

 
Fig. 8. Variation of the buckling load with the aspect ratio. 

3. Conclusions 

The low cost, abundant availability and eco-friendli-
ness of natural fiber reinforced composites lead to an in-
creased interest in this field in the recent years. Espe-
cially the high CO2 consumption by the natural fiber pro-
ducing plants and their easy bio-degradability makes 
natural fibers an attractive material that can be used in 
structural applications. On the other hand, a large-scale 

industrial adoption of these natural composite materials 
requires a meticulous investigation into the mechanical 
properties of these materials. One of the most significant 
challenges in manufacturing with natural composites re-
liably is that the mechanical properties of natural fibers 
can exhibit randomness and wide variability. This wide 
variability is also evident from the large differences in 
the values of mechanical properties reported in the liter-
ature (Yukseloglu and Yoney, 2016). Further causes of 
variability in the mechanical properties of natural com-
posites are the material selected for the matrix of the 
composite and the fiber volume fraction. 

Although using natural composites in lightweight struc-
tures has many advantages, the wide variability in the doc-
umented mechanical properties of these natural materials 
makes numerical modelling and simulation of structures 
made of natural composites a challenging task. A major lim-
itation of the current study is the scarcity of documented 
experimental research data about the material properties 
of natural fiber reinforced composites. Further research in 
this field can be carried out by investigating the buckling 
behavior of natural fiber reinforced composites under dif-
ferent loading conditions such as multi-directional com-
pression and shear loading. Also, the effect of introducing 
cut-outs into the plate geometry can be investigated. 
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This research has previously been presented at the 6th 
International Conference on Harmony Search, Soft Com-
puting and Applications (ICHSA 2020) held in İstanbul, 
Turkey, on July 16-17, 2020. Extended version of the re-
search has been submitted to Challenge Journal of Struc-
tural Mechanics and has been peer-reviewed prior to the 
publication. 
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A B S T R A C T 

In this study, the optimum dimensioning of a reinforced concrete retaining wall that 
meets the safety conditions under static and dynamic loads in terms of cost has been 

performed using Jaya algorithm, which is one of the metaheuristic algorithms. In the 

optimization process, reinforced concrete design rules and ground stress, sliding and 

overturn tests have been determined as design constraints for the safe design of the 

retaining wall. While 5 cross-section dimensions of the retaining wall are defined as 

the design variable, the objective function is targeted as the total cost per unit length 
of the retaining wall. In the study, optimum results are also presented by examining 

the changes of the toe projection length of the retaining wall, which is one of the de-

sign variables, narrowing between 0.2-10 m. The design variables minimizing the ob-

jective function were found via Jaya algorithm that have single-phase. In addition to 

achieving optimum dimensioning results in terms of safety and cost with the optimi-

zation method used as a result of the reinforced concrete design made by applying 

the rules of the regulation on buildings to be constructed in earthquake zones, the 

change in cost in seismic and static conditions was examined. 
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1. Introduction 

Structural design is one of the areas of expertise of 
civil engineering and it is the process of manufacturing 
buildings in a safe, economical and aesthetic way. In this 
process expected from engineers is to determine the 
type of structure suitable for the requested use and the 
materials to be used by calculating the loads that the 
building can carry. These decisions made by the engi-
neers based on accepted rules and experiences affect 
many areas such as the cost of the project, its duration, 
the safety of the building, its applicability, etc. If the 
structural design variables analysed according to the 
predicted critical situations are insufficient or excessive, 
the building is redesigned by trial and error. The inten-
sity of this process negatively affects the design process 
in terms of time and cost concepts that are important for 
engineers. Structural optimization methods provide the 
opportunity to reach the optimum solution by making 
more tests faster than an engineer can do by hand. 

Structural design engineers construct retaining walls 
with rigid supporting structures in order to hold the 
ground volume at two different levels. Engineers must 
calculate various loads such as active thrust behind the 
wall to which the retaining wall will be exposed, passive 
thrust in front of the wall, surcharge loads and earth-
quake effects during the design process. Incomplete cal-
culation of these loads affecting the retaining walls may 
affect the stability of the wall negatively, and the cost of 
the retaining wall is not economical in unnecessary 
loads. The pre-dimensions of the reinforced concrete 
cantilever retaining walls, which are one of the rigid re-
taining walls, are tried to be made by benefiting from the 
accepted knowledge and the experience of the engineer. 
First of all, the initial values of the other cross-section 
lengths of the wall are determined by making some as-
sumptions in certain regions by correlating with the wall 
height (Clayton, 2014). By calculating the static and dy-
namic loads that will affect the wall of the obtained size, 
a process consisting of many steps such overturning, 
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sliding and stress stability analysis of the wall and in ad-
dition to these investigations, reinforcement areas 
changing according to internal forces, reinforcement ra-
tios not exceeding the limit values are performed. If the 
controls result is negative, the process cycle is repeated 
by pre-sizing according to the accepted ratios. This cycle 
is not a practical method, as testing all design possibili-
ties and finding the best solution will be both a time con-
suming and tedious process. Structural optimization 
methods are used because of these difficulties. 

Optimum design studies of reinforced concrete canti-
lever retaining walls started in the 1980s, and after the 
2000s, the focus was on the applicability of metaheuris-
tic algorithms in optimization. The optimum design of 
the reinforced concrete retaining wall under static loads, 
using Simulated Annealing (SA) algorithm inspired by 
the annealing of metals, has been studied on the param-
eters that affect the minimum cost (Yepes et al., 2008) 
and economic design (Ceranic et al., 2001). The optimum 
design of the reinforced concrete retaining wall under 
static and dynamic loads was made by the methods of 
Collision Bodies Optimization (CBO) and Democratic 
Particle Swarm Optimization (DPSO) (Kaveh and So-
leimani, 2015). As an example of metaheuristic algo-
rithms used in optimum design of reinforced concrete 
retaining wall; Particle Swarm Optimization(PSO) in-
spired by the search for food by flocks of birds and fish 
(Ahmadi and Varaee, 2009) , Ant Colony Optimization 
(ACO), which is found by making use of the destination 
ants follow on their way to food (Ghazavi and Bonab, 
2011), Harmony Search (HS) Algorithm inspired by the 
harmony between music rhythms (Kaveh and Abadi, 
2011), Big Bang-Big Crunch (BP-BC)  inspired by the cos-
mological model in the theory of evolution of the uni-
verse (Camp and Akin, 2012), Genetic Algorithm (GA) 
that utilizes changes in gene sequence (Pei and Xia, 
2012), Firefly Algorithm (FA) developed on the basis of 
brightness-sensitive social behaviors of fireflies (Akin 
and Aydogdu, 2014), Teaching-Learning Based Optimi-
zation Algorithm (TLBO) inspired by a teacher's effect on 
students in the classroom (Rao et al., 2011),  and Jaya Al-
gorithm, which aims to achieve victory by moving away 
from the bad solution and approaching the good solution 
(Rao, 2016) can be shown. The optimum design of the 

reinforced concrete retaining wall under both static and 
dynamic loads was made by Temür and Bekdaş (2016) 
by applying the Teaching-Learning Based Optimization 
Algorithm (TLBO). There is a study using the Jaya Algo-
rithm to design an optimum retaining wall, but in the 
mentioned study, the effect of the size of the surcharge 
load on the cost of the wall and the CO2 emission value 
are examined in the mentioned study (Ozturk and Tur-
keli, 2019). In the literature, optimum design of rein-
forced concrete retaining wall under earthquake loads 
additional to static loads has not been encountered with 
Jaya algorithm. 

In this study, it is aimed to design a reinforced concrete 
cantilever retaining wall designed in accordance with the 
legislation on Buildings to be built in Earthquake Zones 
(DBYBHY) (Ministry of Public Works and Settlement, 
2007) by using Jaya algorithm, which is one of the me-
taheuristic algorithms, at optimum cost under static and 
dynamic loads. In addition, two different designs ob-
tained for earthquake-free and earthquake situations 
were taken as reference and the relationship between 
earthquake and cost was examined. For the earthquake 
state design, the toe projection length limit values of the 
reinforced concrete retaining wall were also changed, 
and it was seen that the cost increased as the toe projec-
tion length limits were reduced by comparing 6 cases. 

 

2. Design Methodology  

2.1. Optimization problem 

Retaining walls are exposed to vertical and horizontal 
loads shown in Fig. 1. External forces acting under static 
conditions (such as the mass of the wall (Gp, Gon, and Gt), 
soil pressures (Pas, Qas) maintain their balance in the rest 
state. On the other hand, dynamic forces (Pad, Qad) that 
occur during an earthquake can disrupt the balance and 
consequently cause permanent deformations in the wall. 
In case of extreme deformations, sliding, rotation, bend-
ing, etc. crash occurs for reasons. Retaining walls can be 
safely designed by performing a soil stress check on the 
base, a forward sliding check along the base and an over-
turning test at the heel of the wall to prevent collapse.

 
Fig. 1. Static and dynamic loads that can affect a cantilever retaining wall. 

For ground stress analysis, the maximum and mini-
mum soil stresses under the base are calculated as 
shown in Eq. (1). In this equation, N is the axial force, the 

total area At, the moments occurring with respect to the 
base midpoint Mo and the moment of resistance Wt. The 
largest ground stress (σmax) in the base must be smaller 
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than the ground safety stress (σu) (Eq. (2)). The smallest 
ground stress (σmin) on the base should be designed to be 
positive to avoid undesired tensile stresses (Eq. (3)). In 
case of earthquake loading, the ground safety stress can 
be increased by 50% due to the earthquake acting for a 
limited time (Eq. (4)).  

𝜎max,min =
𝑁

𝐴𝑡
±

𝑀𝑜

𝑊𝑡
 (1) 

𝜎max < 𝜎𝑢 (2) 

𝜎min >  0 (3) 

𝜎max < 1.5 𝜎𝑢 (4) 

The impulse from the embankment and surcharge 
load forces the base of the retaining wall to slide. The 
sliding test of the retaining wall is expressed as the ratio 
of the forces (FR) against the sliding to the forces (FO) that 
cause the wall to slide (Eq. (5)). The safety number (SFS) 
has been accepted as at least 1.5 in granular soils and at 
least 1.1 under earthquake loads (Yıldırım, 2009). If the 
safety number is not sufficient, the safe state can be 
reached more economically by increasing the base 
width. 

𝑆𝐹𝑆  =
∑ 𝐹𝑅

∑ 𝐹𝑂
 (5) 

The loads generated behind the retaining wall tend to 
tip the wall. The overturning safety coefficient (SFO) is 
expressed as the ratio of the moments taken relative to 
the lower end of the toe projection to the forces (MO) try-
ing to overturn the system (MR) (Eq. (6)). SFO should only 
meet the condition of at least 2 under static loads and at 
least 1.2 under static and dynamic loads. If these condi-
tions are not met, overturning safety can be provided by 
increasing the moment arm of the MR by extending the 
heel projection. 

𝑆𝐹𝑂  =
∑ 𝑀𝑅

∑ 𝑀𝑂
 (6) 

In the optimization problem examined in this study, 
five design variables were used, namely stem thickness 
at the top of the wall (b1), toe projection length (b2), 
stem thickness at the bottom of the wall (b3), heel pro-
jection length (b4) and base slab thickness (h) (Fig. 2). In 
the calculation of these variables, Eqs. (2-6) are consid-
ered as design constraints. 

 

Fig. 2. Design variables of a cantilever retaining wall. 

Eqs. (2-6) mentioned above are determined as design 
constraints. Preliminary dimensions, which are accepted 
in height-dependent proportions and certain limit val-
ues in cantilever reinforced concrete retaining walls, are 
also included in the optimization problem as a design 
constraint (Clayton, 2014). In addition, critical internal 
force (shear and bending) in the cantilever, toe and heel 
projection for non-earthquake and earthquake condi-
tions were calculated and the minimum and maximum 
reinforcement areas were checked. Table 1 presents de-
sign restrictions.

Table 1. Restrictions on the strength of the retaining wall. 

Explanation 
Restricts 

Under static loads Under static and Dynamics loads 

Safety for bearing capacity 
𝜎max,design < 𝜎𝑢 

𝜎min,design >  0 

𝜎max,design <  1.5 𝜎𝑢 

𝜎min,design >  0 

Safety for sliding stability 𝑆𝐹𝑆,design > 1.5 𝑆𝐹𝑆,design >  1.1 

Safety for overturning stability 𝑆𝐹𝑂,design > 1.5 𝑆𝐹𝑂,design > 1.2 

Maximum reinforcement area of console section, As,max As,design < As,max Asd,design  < As,max 

Minimum reinforcement area of console section, As,min As,design ≥ As,min Asd,design ≥ As,min 

Maximum reinforcement area of toe projection, Aso,max Aso,design < Aso,max Asod,design < Aso,max 

Minimum reinforcement area of toe projection, Aso,min Aso,design ≥ Aso,min Asod,design ≥ Aso,min 

Maximum reinforcement area of heel projection, Asa,max Asa,design < Asa,max Asad,design < Asa,max 

Minimum reinforcement area of heel projection, Asa,min Asa,design ≥ Asa,min Asad,design ≥ Asa,min 

Shear strength capacities ocritical sections, Vmax Vmax,design ≤ Vcr/2 Vmax,design ≤ Vcr/2 
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Cost minimization is aimed in optimum design. In this 
direction, the mathematical representation of the objec-
tive function is as in Eq. (7). Cc represents the unit con-
crete cost, Vc represents the unit length concrete volume, 
Cs represents the unit reinforcement cost, Ws represents 
the unit length reinforcement steel weight. While Cc and 
Cs are independent of optimization, Vc and Ws values vary 
according to design variables. 

min𝑓(𝑥) = 𝐶𝑐 ∙ 𝑉𝑐 + 𝐶𝑠 ∙ 𝑊𝑠 (7) 

2.2. Optimization process 

There are many types of metaheuristic algorithms 
used in engineering applications in the literature. Jaya al-
gorithm, one of these metaheuristic algorithms, was de-
veloped by Rao (2016). Jaya, a word that means victory 
in Sanskrit, is an algorithm that aims to achieve victory 
by reaching the best solution thanks to the goal function 
obtained by multiplying the design variables with ran-
dom coefficients, constantly moving away from bad so-
lutions and approaching good solutions. 

First of all, the objective function (f (x)) should be de-
termined for the targeted maximization or minimization 
problem as in other algorithms. Population number, de-
sign variables and maximum number of iterations are es-
sential parameters for the Jaya algorithm. Randomly 
generated design variables within the range of design 
constraints are recorded in the initial solution matrix. 

The size of the solution matrix is the population number 
determined by the designer. 

The design variables produced in the initial solution 
matrix are reused in the iterative process using the Jaya 
algorithm and stored as the best solution (f (x)best) and 
worst solution (f (x)worst) values. New design variables 
are obtained by summing the best solution difference 
and subtracting the worst solution difference. The for-
mulation of this expression is shown in Eq. (8) as the up-
dated value of the jth variable of the kth population. Can-
didate solution in the ith iteration is shown as X’i,k,i. 

𝑋𝑗,𝑘,𝑖
′

= 𝑋𝑗,𝑘,𝑖 + 𝑟1,𝑗,𝑖(𝑋𝑗,𝑏𝑒𝑠𝑡,𝑖 − |𝑋𝑗,𝑘,𝑖|) − 𝑟2,𝑗,𝑖(𝑋𝑗,𝑤𝑜𝑟𝑠𝑡,𝑖 − |𝑋𝑗,𝑘,𝑖|)

 (8) 

Since r1, j, i and r2, j, i are random numbers in the range 
of [0, 1] in the above equation, they ensure that new dif-
ferent solutions are obtained continuously. While Xj,k,i is 
the value of the previous design variable, Xj,best,i shows 
the design variable values in the best solution so far and 
Xj,worst,i in the worst solution. If the updated variable 𝑋𝑗,𝑘,𝑖

′  
gives a better objective function, Xj,k,i is replaced by 𝑋𝑗,𝑘,𝑖

′ . 
After checking for compliance with design constraints, it 
is recorded in the optimum solution matrix and used as 
input data in the next iteration. 

This process is repeated until the specified stop con-
dition is met. If the termination criteria are met, optimi-
zation is complete. The flow diagram of the Jaya algo-
rithm is presented in Fig. 3.

 

Fig. 1. Jaya algorithm flow chart (Rao, 2016).   
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3. Numerical Examples  

The methodology has been studied for two different 
cases depending on static and dynamic loads. In Table 2, 
the design of the cantilever retaining wall (Solution 1) 
made by Celep (2014) was optimized using the Jaya al-
gorithm in the first case only under static loads and 
named as the Solution 2. In the second case, in addition 
to static loads, the cantilever retaining wall was dimen-
sioned under dynamic loads and the results were ex-
pressed as the Solution 3. The results of the design of 
Celep (2014) and the optimization studies made with the 
Jaya algorithm were compared. 

Calculations are made for 1 m length of cantilever re-
taining wall. As the design parameters of the cantilever 
retaining wall in the second degree earthquake zone; the 
internal friction angle of the embankment is 30°, and the 
unit volume weight is 18 kN/m2, the soil safety stress is 
200 kN/m2, the material class is C30/S420, the sur-
charge load is 5 kN/m2 and the wall height (H) is 5.4 m 
excluding the floor height (h). The unit price of steel is 
1400 TL/ton and the unit price of concrete is 111 TL/m3.  

The design variables are as shown in Fig. 2. The objec-
tive function changes according to the above design con-
stants and design variables as in Eq. (7). The stop crite-
rion (maximum number of iterations) for optimization is 
100000 and the population number is 20. All dimen-
sions, reinforcements and total costs are given in Tables 
2-4, respectively. 

The optimization process of Jaya Algorithm based 
methodology was repeated for 10 times and average re-

sults are presented in Table 5 with the standard devia-
tion results. Since the standard deviation results are 
zero, the proposed methodology is robust. 

Table 2. Geometric size comparison. 

Variables (m) Range (m) Solution 1 Solution 2 Solution 3 

h 0.2-3.0 0.6000 0.4480 0.4536 

b1 0.2-3.0 0.2500 0.2000 0.2000 

b2 0.2-10 0.9000 1.2303 1.3076 

b3 0.2-3.0 0.6000 0.6993 0.7123 

b4 0.2-10 3.0000 1.9760 2.1296 

Table 3. Reinforcement area comparisons on console 
(As), toe projection (As,o) and heel projection(As,a). 

Reinforcement areas (mm2) Solution 1 Solution 2 Solution 3 

As 1578.6 1278 1304 

As,o 1080.0 776.0 787.3 

As,a 1298.9 1156.5 1146 

Table 4. Total cost comparison. 

 Solution 1 Solution 2 Solution 3 

Total Cost (TL/m) 2286.9 1789.7 1854.0 

Table 5. Comparison of 10 runs solved by Jaya algorithm with earthquake and without earthquake cases. 

Cases  
h 

(m) 
b1 

(m) 
b2 

(m) 
b3 

(m) 
b4 

(m) 
As 

(m2) 
As,o 

(m2) 
As,a 

(m2) 
f (x) Cost 
(TL/m) 

Without Earthquake 
     Avg. 0.448 0.2 1.230 0.699 1.976 1278 776 1156 1789.7 

Std. 0 0 0.0004 0.0001 0 0.0001 0.0005 0,0003 0 

With Earthquake 
Avg. 0.4536 0.2 1.307 0.713 2.129 1305 787.3 1146 1854 

Std. 0.0001 0 0.0004 0 0 0 0.0001 0.0003 0 

In addition, the effect of toe-projection design limit 
change on the cost function was checked for 6 cases. In 
Table 6, the effect of the amendment of the toe-projec-
tion design limit on the retaining wall section dimen-
sions; they are compared on the basis of best, average 
and standard deviation values. 

4. Conclusions 

In this study, the optimum design of the cantilever re-
inforced concrete retaining wall in an earthquake-free 
and earthquake condition has been made using the Jaya 
algorithm according to DBYBHY (2007) rules. In order to 
test the performance and success of the method, anal-
yses aimed at optimum cost under design constraints us-
ing the Jaya algorithm were performed and compared 
with a retaining wall problem solved using the same de-
sign constants (Celep, 2014). 

When the design cost under static loads presented by 
Celep (2014) was calculated according to the unit costs 
used in this study, 2255 TL/m was obtained. It has been 
observed that the design cost in non-earthquake condi-
tion obtained by the optimization method used in the 
study is approximately 21% (465.3 TL/m) more eco-
nomical. In addition, the optimization of the cantilever 
reinforced concrete retaining wall was made under both 
static loads and dynamic loads. The design under static 
and dynamic loads presented by Celep (2014) was calcu-
lated as 2286.9 TL/m according to the unit costs used in 
this study. In this case, it was seen that the design in 
earthquake condition obtained by optimization was ap-
proximately 19% (432.9 TL/m) more economical. These 
analyzes have shown that the optimization made with 
the Jaya algorithm gives more efficient results. 

When the analysis performed for 6 different design 
intervals in the toe-projection was compared, it was 



 Eroğlu et al. / Challenge Journal of Structural Mechanics 7 (2) (2021) 64–70 69 

 

determined that the standard deviation increased when 
the design range was narrowed, and it was not robust 
comparing to other cases according to the multiple cy-
cles of the optimization process. 

In the study, the analysis of the reinforced concrete re-
taining wall under seismic and earthquake conditions was 
made and optimum design results were obtained. When 
the comparison is made according to these results, it is 
seen that the analysis results without dynamic loads are 
approximately 4% (64.9 TL/m) lower cost as predicted. 
Since the load will increase with the addition of dynamic 

loads to the static loads, it has been determined that the 
wall dimensions and the required reinforcement areas 
should be increased by approximately 1.0259. Therefore, 
it was understood that dynamic impulses caused the cost 
of reinforced concrete retaining wall to increase. Thanks 
to the study, the reinforced concrete section dimensions 
that provide the economic and safety constraints of the re-
inforced concrete cantilever retaining wall were calcu-
lated with the Jaya algorithm and a more efficient design 
was made by examining the relationship between the 
earthquake load and the cost of the retaining wall. 

Table 6. The Effect of pre-encasement design range on optimization. 

Variables Case 
b2   

limits 
f (x) 
*103 

b1 
(m) 

b2 
(m) 

b3 
(m) 

b4 
(m) 

h 
(m) 

As 
*103 

As,a 
*103 

As,o 
*103 

best 

1 0.2-10 

1.854 0.200 1.307 0.713 2.129 0.454 1.305 1.146 0.787 

average 1.854 0.200 1.307 0.712 2.130 0.454 1.305 1.147 0.787 

std. deviation 0.000 0.000 0.001 0.000 0.000 0.000 0.000 0.000 0.000 

best 

2 0.2-8 

1.854 0.200 1.306 0.712 2.130 0.453 1.305 1.148 0.787 

average 1.854 0.200 1.307 0.712 2.130 0.454 1.305 1.147 0.787 

std. deviation 0.000 0.000 0.001 0.000 0.000 0.000 0.000 0.001 0.000 

best 

3 0.2-6 

1.854 0.200 1.306 0.712 2.130 0.453 1.305 1.148 0.787 

average 1.919 0.200 1.265 0.687 2.192 0.464 1.387 1.178 0.807 

std. deviation 0.206 0.000 0.134 0.079 0.196 0.032 0.261 0.098 0.064 

best 

4 0.2-4 

1.854 0.200 1.306 0.712 2.130 0.454 1.305 1.147 0.787 

average 1.946 0.200 1.289 0.678 2.108 0.450 1.473 1.187 0.798 

std. deviation 0.291 0.000 0.056 0.110 0.070 0.011 0.533 0.125 0.036 

best 

5 0.2-2 

1854 0.200 1.307 0.712 2.130 0.454 1.305 1.146 0.787 

average 1.930 0.239 1.377 0.700 2.092 0.481 1.345 1.166 0.843 

std. deviation 0.240 0.122 0.219 0.040 0.120 0.088 0.128 0.062 0.176 

best 

6 0 

2.792 0.200 0.000 0.712 3.477 0.754 1.304 2.795 0.000 

average 2.862 0.200 0.000 0.728 3.488 0.729 1.335 2.897 0.000 

std. deviation 0.221 0.000 0.000 0.050 0.036 0.078 0.100 0.321 0.000 

Publication Note 

This research has previously been presented at the 6th 
International Conference on Harmony Search, Soft Com-
puting and Applications (ICHSA 2020) held in İstanbul, 
Turkey, on July 16-17, 2020. Extended version of the re-
search has been submitted to Challenge Journal of Struc-
tural Mechanics and has been peer-reviewed prior to the 
publication. 
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A B S T R A C T 

In this study, the effect of different types of slabs on dynamic characteristics of struc-
tures under the lateral loading was investigated. For this purpose, four different 

types of slabs namely, beamed slab, flat slab, one way ribbed (hollow core) slab and 

waffle slab have been modeled in buildings having 3, 4 and 5 storeys with the same 

geometric dimensions, in accordance to design and construction requirements (TS 

500) and Turkish building seismic codes (TBDY, 2018). Seismic analysis calcula-

tions of the modeled buildings were done using the equivalent seismic load method. 
The assumed local soil class was taken from the geotechnical report as ZD. As a re-

sult of the analysis, natural periods, base shear forces, maximum horizontal dis-

placements and relative storey drifts of the buildings were compared. Seismic anal-

ysis and calculations of the buildings were completed using SAP2000 finite element 

software. 
 

 

A R T I C L E   I N F O 

Article history:  

Received 26 October 2020 

Revised 17 December 2020 

Accepted 20 January 2021 
 
Keywords: 

Beam slab 

Flat slab 

Ribbed slab 

Waffle slab 

Natural frequency 

Base shear force 

Storey drift 
 

1. Introduction 

Due to the fact that our country has active fault line 
lines, there have been many casualties of life and prop-
erties in the structures that have been destroyed or dam-
aged by the earthquake. Reducing damages and destruc-
tions caused by earthquake can only be achieved by de-
signing and constructing structures with high resistance 
to loads caused by earthquake. Design codes and specifi-
cations are set in order to prevent or reduce the loss of 
lives and assets due to the frequent occurrence of earth-
quake in our country. In spite of the frequent revisions 
of the Seismic design codes that are mandatory part of 
constructing new buildings, unfortunately, there has 
been no effective result that will significantly reduce the 
loss of life and property in case of an earthquake disas-
ter. The Turkish Building Seismic Codes (TBDY, 2018) 
which was prepared by the commission created by AFAD 
was published as a draft in 2016. Following some ar-
rangements in its contents, was published in the Official 
Gazette on March 18, 2018 and subsequently enforced as 
of January 1, 2019. TBDY (2018) has been prepared in 
line with the developments in earthquake engineering, 

taking into account the increasing and/or changing 
needs of our country. The most common and preferred 
types of structures in our country are reinforced con-
crete structures. The reason why reinforced concrete 
structures are preferred compared to other types of 
buildings is their longer useful life, the availability of 
concrete raw material, and higher resistance to earth-
quake loads. Structural members such as columns, 
beams, slabs and walls act as load bearing elements in 
reinforced concrete structures. The slab being one of the 
main load bearings in the structure is important in de-
termining static and dynamic characteristics of the 
structure. 

Different methods are used to find the optimum solu-
tion in building design. Shake tables and finite element 
modeling are two of the main solutions in determining 
dynamic characteristics (Ağcakoca, 2019; Sümer and Ak-
taş, 2015). Different methods are used in literature to 
properly understand the dynamic behavior of the build-
ing (Bilgin and Uruçi, 2018; Paripour et al., 2018; Mar-
tinez and Ventura, 2016). The characteristic behavior of 
the structure can be determined by estimation methods 
such as Arma-Arx (Uyar and Ağcakoca, 2020a, 2020b) 
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and Artificial Neural Networks (Çağlar et al., 2008). In 
this study, the effects of different slab types on dynamic 
characteristics of the building is evaluated using finite el-
ement modeling method.  

By using different slab types in the design of rein-
forced concrete structures, alternative design options 
can be considered for the same building system. Differ-
ent slab types transfer the vertical and horizontal loads 
to the members differently. In addition, changing the 
slab type will cause changes in the earthquake parame-
ters affecting the load bearing system. The most im-
portant factor in dissipating earthquake energy is the 
ductility capacity of the load bearing system. 

During the design phase, it is important to maintain 
level of ductility of the building between the boundary 
values allowed by the design codes while determining 
the type of slab to be used in the structure. Moreover, 
slab type selection is important in determining the safety 
level of the load bearing system according to the Turkish 
seismic codes TBDY (2018). Therefore the slab types to 
be used in the load bearing systems and their perfor-
mance mechanism should be correctly defined by the de-
sign engineers. 

1.1. Previous research 

Bansal and Patidar (2016) used beam slab and waffle 
slab in their work. They designed 4, 8 and 12 story build-
ings with a floor height of 3.6 m and building floor area 
of 20x20 m. The structures that were subjected to seis-
mic load were examined for the changes in base shear 
forces, storey drift and maximum displacements using 
static pushover analysis. Bhina et al. (2013) compared 
the costs of flat slabs and beam slabs and their behavior 
under lateral load. They used static pushover analysis, 
time history and response spectrum analysis in order to 
assess the performance of both structures. 

A study by Çağlarım (2002), has examined the effect 
of different types of slabs on structural behavior of rigid 
and ductile slab diaphragms. Rigid and ductile dia-
phragm were examined considering A2 and A3 model-
ling. Demirok (2009) investigated the effects of three dif-
ferent types of slab on the bearing system in a 10 storey 
building with the architectural features designed accord-
ing to DBYBHY-2007 and compared the results. With re-
gards to the periods in both directions, the largest period 
values were seen in the building model with flat slab. As 
for the displacements, the building model with ribbed 
slab had 32% more displacement in X direction and 38% 
more displacement in Y direction comparing to building 
models with beam slab. 

El-Shaer (2013), has modelled a 30-storey building 
having concrete load bearing system with different slab 
systems namely, beam slab, flat slab and ribbed slabs in 
order to compare the storey drift, building overturning 
moments and base shear forces. Moreover, Özlü (2015) 
has evaluated a building consisting of three different bear-
ing systems (frame, shear wall frame and shear wall) 
which was designed according to the Turkish seismic 
codes (DBYBHY-2007). They used traditional slab, filled 
beam slab and flat slab with different floors as 10, 15, 20, 

25, 30, 35, 40 and 50. Different loading and different con-
crete classes were evaluated according to different floor 
classes in the designed structures. The load bearing sys-
tem behaviors were examined by comparing the maxi-
mum displacements and maximum storey drift in both 
directions, secondary moment values, natural periods, 
and torsional and stiffness irregularity coefficients. 

In a study conducted by Yaşaroğlu (2015) in which 
they designed an architectural plan with different slabs 
and different bearing systems according to Turkish seis-
mic codes (DBYBHY, 2007). The 6 storey building was 
designed with frame and shear wall frame and the 12 
storey building was designed with shear wall frame us-
ing the ETABS finite element analysis package. Structure 
weight, natural period and base shear forces were com-
pared in the study. In all models, the largest base shear 
force, structure weight and natural period was obtained 
in buildings modeled with flat slab. 

 Yeşilyurt (2016); in his thesis study looked into 18 
different multi-storey reinforced concrete structures 
with different bearing and slab systems under seismic 
loading using ETABS finite element program. The struc-
tural behaviors of these buildings were examined using 
mode superposition and design spectrum methods. The 
selected bearing systems were frame, tube and shear 
wall-frame systems, and slab systems were determined 
as beam slab and Ribbed (hollow core) slabs. The ob-
tained base shear forces, maximum displacements, max-
imum bending moments, maximum shear forces and 
natural periods were compared. 

The bending behavior of different slab types such as 
ribbed slabs has been examined. Using such slabs de-
creases material consumption and improve the insula-
tion properties which enhances the sustainability of the 
structures (Alfeehan et al., 2017). Lastly, a parametric 
study has been done for the optimum solution of cantile-
ver retaining walls such as slab (Uray, 2019), earth-re-
taining walls (Yepes et al., 2008), and reinforced con-
crete columns (Bektaş and Nigdeli, 2016). 
 

2. Reinforced Concrete Slabs 

Slabs are two-dimensional structural elements which 
have a considerably smaller thickness compared to the 
other two dimensions. The main role of slabs is to absorb 
the vertical loads and transfer them to the beams, col-
umns and shear walls by which these slabs are sup-
ported. Additionally, slabs are responsible for transfer-
ring their own weights and the loads perpendicular to 
their planes to the beams or bearing members such as 
columns and/or shear walls by which are supported. The 
loads on the slabs vary a lot according to the usage pur-
pose of the building. Therefore, considering the difficul-
ties in calculating the loads affecting the slabs, it is as-
sumed that the loads act uniformly on the slab. In addi-
tion, the change in the span of the slab will change the 
amount of load the slab is exposed to as a structural ele-
ment. For small spans, simple slab types are generally 
used, while for large spans, more complicated systems 
and slab types are used (Topcu, 2019). 
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Slabs are mainly classified as beamed slabs, flat slabs, 
ribbed slab and waffle slabs according to their perfor-
mance principles and supporting connections. In this 
study, the effect of different slab types such as flat slabs, 
beam slabs and ribbed slabs on the dynamic behavior of 
the building has been evaluated. According to TBDY 
(2018) Article 4.5.6.3, reinforced concrete slabs can be 
modeled with assumed rigid diaphragm in building 
plans where there are no A2 and A3 type irregularities 
and significant deflection in the plane will not occur. In 
addition to rigid diaphragm, the effect of eccentricity 
should also be taken into consideration during the anal-
ysis as per TBDY (2018). 

Beam slabs are often preferred in residential build-
ings. They can be attached to the beam at least on one 
side (for example balcony slab) and can be supported by 
the beams on all four sides. Generally, the thickness of 
the beam slab is from 12 to 20 cm. Beam slabs are di-
vided into two types namely one way slab and two way 
slabs based on the ratio of long span to the short span. If 
the ratio of the length of the slab (long span) to the width 
of the slab (short span) is equal to or more than 2, then 
it is called One way slabs. If that ratio is smaller than 2, 
then it is called two way slab. While one way slab are cost 
effective if span is short and the beam goes in one direc-
tion, but are not cost effective if the span is large. Addi-
tionally, in one way slabs, reinforcement calculations are 
made for only short spans, and these reinforcements are 
placed in the short span direction. For the long span, re-
inforcements are placed as per the design codes without 
any calculation. The main reason of placing these rein-
forcements is to absorb the additional stresses caused by 
freeze and thaw action as well as shrinkage (Topcu, 
2019). 

The ribbed (hollow core) slabs are formed by placing 
ribs parallel to each other which are then connected to 
main beam and have a thin plate over the ribs. Ribbed 
slabs can be considered as an alternative due to the fact 
that beamed slabs are not economical in structures with 
large spans. Practically, the thickness of the plate over 
ribbed slabs is generally 7-10 cm. The rib width is 10-20 
cm and rib height is 32-50 cm. The space between each 
rib according to      TS 500 is usually 40-70 cm. Dead and 
live loads on the thin plate are transferred to the ribs 
which then transfer them to the main beams. The most 
important point to consider is the direction of the ribs. If 
the ribs are arranged in the direction of the short span 
then the rib opening becomes small which is not a prob-
lem for the ribs but will cause big shear force and mo-
ment on the main beams. However, if the ribs are ar-
ranged in the direction of the long span, the ribs will be 
long in length causing to produce big shear force and mo-
ment in them and will not affect the main beams. Since 
the stiffness of the main beams, is already low in prac-
tice, it is not desirable to force the main beams too much, 
so ribs are generally arranged in long span direction in 
practice.  

Ribbed slabs running in one direction are called one 
way ribbed slab. Ribbed slabs running in two directions 
are also referred to as waffle/grid slabs in practice. In 
ribbed slabs, the ribs are usually filled with filling mate-
rial. The most commonly used filling materials in practice 

are: hollow concrete blocks, hollow brick, aerated con-
crete and foam. These filling materials do not have any 
load carrying capacity, and they are only considered as a 
dead load in the calculations. In cases where filling ma-
terial is not necessary, the spaces between the ribs can 
be used for installation of utilities such as HVAC or me-
chanical pipes. According to Topcu (2019), in systems 
with ribbed slabs, normal beams on outer axes with a 
wall under them are more suitable in terms of seismic 
performance  

Ribbed slab with ribs in both directions carrying the 
load are called waffle slabs. All the principles designated 
for one way ribbed slabs are applicable to waffle slabs as 
well. Waffle slabs are often used for large spans and large 
spaces where columns are undesirable (parking lot, 
Movie Theater, etc.). Waffle slabs can be thought of as 
beamed slabs running in two directions, which have 
voids in between. In this context, it can be said that the 
methods valid for beamed slabs will be valid for waffle 
slabs as well (Doğangün, 2018). 

There are no restrictions on constructing waffle slabs 
in TBDY (2018). Same solutions and analysis that are 
used for one way ribbed slabs are applicable for waffle 
slabs as well. Since one way ribbed slabs perform poorly 
when exposed to earthquake load, therefore TBDY 
(2018) has put quite strict restrictions on using one way 
ribbed slabs in order to increase its performance against 
seismic loading. According to TBDY (2018), it is not al-
lowed to design one way ribbed (hollow core) slab sys-
tems for high ductility. If a one way ribbed slab systems 
are to be created, then a shear wall needs to be included 
in order to increase the system ductility and can be de-
signed as a mixed system. A system of one way ribbed 
slab can only be created with columns when the ductility 
level can be designed normally. According to TBDY 
(2018), one way ribbed slab systems without using 
shear walls are used only in buildings that are in earth-
quake design classes DTS = 3 and DTS = 4, and in building 
usage classes, BKS = 2 and BKS = 3. In other words, they 
can be used in building with an importance factor 1 and 
1.2. In buildings with BKS = 1, (importance factor 1.5) it 
is not allowed to create a ribbed slab system without in-
cluding shear walls. If it is to be constructed without a 
shear wall, then the maximum height of the building 
should not exceed 17.5 meters from the top of founda-
tion elevation (if there is a basement, the height is calcu-
lated over the shear wall upper elevation). According to 
TBDY (2018), the maximum building height can be up to 
17.5 meters from the foundation upper elevation for the 
earthquake design buildings with earthquake design 
classes DTS = 1, 1a, 2, 2a TBDY (2018). It is recom-
mended to fill the gaps between the ribs with lightweight 
filling materials instead of heavy filling materials in one 
way ribbed slabs in order to reduce the overall weight of 
the structure. 

Flat slabs are the structural elements that allow the 
loads acting on them to be transferred directly to the col-
umns and/or shear walls since there are no surrounding 
beams. The most important problem in flat slabs is the 
risk of punching shear around the column. To prevent 
this, caps (column heads) are used between the column 
and the slab. In tensile-free slabs, the prime tensile 
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stresses in the column- slab connection areas can exceed 
the tensile strength of concrete and cracks occur in the 
direction perpendicular to these stresses. Since the prin-
cipal tensile stresses are at an angle of 45° with the slab 
plane, the cracks are formed at an angle of 45°. As a re-
sult, the column drills the slab by punching it in a sudden 
and brittle manner. Formulas are given in TS500 for con-
trolling punching shear. If punching resistance is not 
achieved, then, increasing slab thickness, column/shear 
wall dimensions, concrete quality or using punching re-
inforcement can be the solution (Doğangün, 2018). 

According to TBDY (2018), it has become mandatory 
to create shear walls in buildings with flat slabs. The 
shear walls should be placed as symmetrical and close to 
the outer axes in the X and Y direction as possible in the 
plan. Bearing systems of buildings with flat slabs can be 
arranged together with columns and shear walls. There 
is no obligation to create it with only shear walls. How-
ever, according to TBDY (2018), in buildings with flat 
slabs, shear walls have to meet the capacity of overturn-
ing moments caused by seismic loads TBDY (2018). 
Great effects can occur in areas where the flat slabs is 
supported directly by shear walls. If the shear walls are 
arranged on the outer axes, it is recommended to con-
nect the columns and shear walls on the outer periphery 
with a beam. Thus, lateral loads are transferred to the 
shear wall through beams. Stiffness can be increased by 
placing beams on the outer axes of the systems with flat 
slabs.  

3. Modeling by TBDY-2018 

The models we have developed are to be constructed 
in Erenler district of Sakarya province (latitude=40.7°, 
longitude=30.3°). At DD-2 Earthquake Motion Level, the 
short period map spectral acceleration coefficient re-
quired to obtain the Horizontal Elastic Spectrum is SS and 
the map spectral S1 values for 1.0 second period (Afad, 
2019). 

Horizontal elastic design spectral accelerations Sae 
(T), which are the ordinates of the horizontal elastic de-
sign acceleration spectrum for any earthquake ground 
motion level, are defined by Eqs. (1-4) in terms of gravity 
acceleration (g) depending on the natural period (Fig. 1). 
In the equations below, SDS and SD1 are design spectral 
acceleration coefficients, T is the natural period, TA and 
TB are horizontal design spectrum corner periods and TL 

indicates transition period to the constant velocity zone. 
The value for TL = 6 in Eq. (5) which is taken from TBDY 
(2018).  

0 ≤ 𝑇 ≤ 𝑇𝐴     ⟹   𝑆𝑎𝑒(𝑇) = (0.4 + 0.6
𝑇

𝑇𝐴
) (1) 

𝑇𝐴 ≤ 𝑇 ≤ 𝑇𝐵   ⟹  𝑆𝑎𝑒(𝑇) = 𝑆𝐷𝑆 (2) 

𝑇𝐵 ≤ 𝑇 ≤ 𝑇𝐿   ⟹  𝑆𝑎𝑒(𝑇) =
𝑆𝐷1

𝑇
 (3) 

𝑇𝐿 ≤  𝑇 ⟹  𝑆𝑎𝑒(𝑇) =
𝑆𝐷1𝑇𝐿

𝑇2    (4) 

𝑇𝐴 = 0.2
𝑆𝐷1

𝑆𝐷𝑆
   ;  𝑇𝐵 =

𝑆𝐷1

𝑆𝐷𝑆
  ;  𝑇𝐿 = 6 s (5) 

 

Fig. 1. Horizontal elastic design spectrum (TBDY, 2018). 

The SS and S1 values are as follows SS = 1.62 and S1 = 
0.444 which are mentioned in a report from Earthquake 
Hazard Map of Turkey. The Local Ground Impact coeffi-
cients FS and F1 values are obtained from assumed values 
in the geotechnical report for ground class ZD in the Ta-
ble 2.1 of TBDY which are FS = 1, F1 = 1.856 respectively. 
In addition, design spectral acceleration coefficients: SDS 
= 1.622, and SD1 = 0.824. Horizontal design spectrum cor-
ner periods TA = 0.1202 sec and TB = 0.508 sec. Spectral 
values for the locations in the vicinity of Erenler district 
of Sakarya province are given in Table 1. The ground 
class at the location where the models will be built is as-
sumed to be ZD. The spectrum graphs obtained from the 
numerical data in Table 1 are shown in Fig. 2.  

𝐸𝑑
(𝑍)

≅
2

3
𝑆𝐷𝑆𝐺 (6) 

The BKS = 3 which is for the buildings used for resi-
dential / business purposes was taken from Table 3.1 of 
TBDY (2018). The Building Importance Factor (I) in the 
calculations used was I = 1 for the building belonging to 
this usage class. Short Period, Spectral Acceleration Co-
efficient for DD-2 earthquake level of building models 
was SDS = 1.622. When BKS = 3 is taken into considera-
tion, DTS = 1 as per TBDY (2018) Table 3.2. Since the 
building models are without basements, building heights 
have been determined from the foundation’s upper ele-
vation. There are different floors in building models. 
Building Height Class BYS for DTS = 1 and the building 
height HN of the relevant building model was deter-
mined. According to TBDY, the normal performance tar-
get for DTS = 1 and cast concrete buildings in the new 
building is Critic Controlled Damage (CCP) and the de-
sign approach is DD-2 earthquake ground motion Design 
by Strength (DGT). 

Load-bearing system behavior coefficient (R) and 
strength excess coefficient (D) within the framework of 
DGT are shown in Table 4.1 of TBDY (2018). According 
to TBDY (2018), reinforced concrete bearing systems 
are divided into three classes as high ductility level bear-
ing systems, limited ductility level bearing systems and 
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mixed ductility level bearing systems. The reduced inter-
nal forces acting in the plane of the building floors are 
applied strength surplus coefficient specified in TBDY 
Table 4.1 for the relevant bearing systems TBDY (2018). 

According to Article 4.5.8.3 of the TBDY, effective cross-
sectional stiffness factors are applied only under seismic 
effective load combinations and under the loads entering 
these combinations TBDY (2018).

Table 1. Earthquake parameters for DD-3 and DD-2 earthquake level. 

Earthquake Level 
Spectral Parameters 

SS S1 Fs F1 SDS SD1 TA TB 

DD-2 1.622 0.444 1 1.856 1.622 0.824 0.102 0.508 

DD-3 0.643 0.156 1.256 2.288 0.827 0.327 0.086 0.432 

 

Fig. 2. Design acceleration response spectra for DD-3 and DD-2 earthquake level.

3.1. Equivalent seismic load method and floor 
earthquake loads 

The earthquake in the X direction, the total equivalent 
earthquake load (base shear force), 𝑉𝑡𝐸

(𝑋)
 is calculated as 

given in Eq. (7) as per TBDY (2018).  

𝑉𝑡𝐸
(𝑋)

= 𝑚𝑡 ∙ 𝑆𝑎𝑅 (𝑇𝑝
(𝑋)

) ≥ 0.04 ∙ 𝑆𝐷𝑆 ∙ 𝐼 ∙ 𝑚𝑡 ∙ 𝑔 (7) 

The additional equivalent earthquake load on the top 
floor of the building having N floors, is calculated by Eq. 
(8).  

∆𝐹𝑁𝐸
(𝑋)

= 0.0075 ∙ 𝑁 ∙ 𝑉𝑡𝐸 
(𝑋)

 (8) 

Earthquake loads affecting floor levels are calculated 
by Eq. (9).  

𝐹𝑖𝐸
(𝑋)

= (𝑉𝑡𝐸
(𝑋)

− ∆𝐹𝑁𝐸
(𝑋)

)
𝑚𝑖∗𝐻𝑖

∑ (𝑚𝑗∗𝐻𝑗)𝑁
𝐽=1

 (9) 

The total overturning moment at the base of the build-
ing occurring from the seismic loads is calculated by Eq. 
(10).  

𝑀𝑂
(𝑋)

= 𝛴𝑖=1
𝑁 ∙ 𝐹𝑖𝐸

(𝑋)
∙ 𝐻𝑖 (10) 

Similarly, there are equivalent earthquake forces in 
the Y direction. 

 

3.2. Control of effective relative storey drifts 

The control of effective relative storey drift is in ac-
cordance with section 4.9.1 of the TBDY (2018). For 
equivalent earthquake loads in the X and Y direction, the 
reduced relative storey drift (Δi) and effective relative 
storey drift (δmax) on all floors of the building, corner 
points and/or columns are calculated by Eqs. (11) and 
(12), respectively (TBDY, 2018).  

𝛥
İ

(𝑋)
= 𝑢𝑖

(𝑋)
− 𝑢𝑖−1

(𝑋)
 (11) 

𝛿𝑖
(𝑋)

=
𝑅

𝐼
𝛥𝑖

(𝑋)
  (12) 

The control of relative storey drift is made according 
to Eq. (13) of Article 4.9.1.3.a of TBDY (2018).  

𝜆
𝛿𝑖,max

(𝑋)

ℎ𝑖
≤ 0.008𝜅 (13) 

In the equations: hi = height of ith storey of building 
(m.),  𝛿𝑖

(𝑋)
= effective storey drift of ith floor of building 

column and wall for earthquake in X direction, 𝛿𝑖,max

(𝑋)
= 

maximum effective storey drift of ith floor of building 
column or walls for earthquake in X direction, κ = allow-
able relative floor displacements coefficient used for re-
inforced concrete systems, R = structural system behav-
ior factor, I = building importance factor, λ = empirical 
coefficient for limiting storey drifts. 𝑢𝑖

(𝑋)
= horizontal dis-

placement at the ith floor for any column or wall in the X 
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earthquake direction, and Δ𝑖
(𝑋)

= reduced storey drift of 
ith floor of building column or walls in X direction. 

Our building models comply with the article 4.9.1.a of 
the TBDY that the filler walls and facade elements made 
of brittle material are completely adjacent to the frame 
elements, without any joints between them. The value 
for coefficient κ is taken as 1 for reinforced concrete 
buildings. The λ coefficient was obtained by dividing the 
elastic design spectral acceleration of the DD-3 earth-
quake ground motion by the elastic design spectral ac-
celeration of the DD-2 earthquake ground motion. Elas-
tic spectral acceleration values for DD-3 earthquake 
ground motion were obtained by entering the same lati-
tude and longitude values as shown in Table 2. 

Table 2. Earthquake parameters  
for DD-3 earthquake level. 

Earthquake Level Sae (TX) Sae (TY) λ(X) λ(Y) 𝜅 𝐼 

DD-3 0.827g 0.827g 1.256 2.288 1 1 

 

4. Finite Element Models 

In this study, a structure 18 m wide and 30 m long was 
designed with different slab types and different number 
of floors. The plan consists of 6 axes in the X-X direction 
and 4 axes in the Y-Y direction. The lengths of all models 
in the plan are 30 m in the X-X direction, 18 m in the Y-Y 
direction and between axes distance 6 m in both direc-
tions. Plan geometry is orthogonal and symmetrical in 
both directions. Since the columns and shear walls are 
symmetrically and uniformly placed on the X and Y axes 
in the plan, the center of mass and the center of stiffness 
are coincide. The shear walls are arranged in outer plan 
axes to increase the torsional stiffness.  

C30 concrete with a 28-day cylindrical compressive 
strength of 30 MPa and B420C steel with a minimum 
yield strength of 420 MPa were selected for all building 
models. In order to pre-dimension the load bearing ele-
ments of all building models, it was manually calculated 
under axial loads in accordance with TS 500 and TBDY 
(2018) codes and controlled with ideCAD-Static V10 
package program.  

The bearing systems of the designed models have 
been economically considered and have been chosen in 

the sizes that are frequently used in the application con-
sidering the regulations. Rules for the modeling of load 
carrier systems for linear calculations have been taken 
into consideration. The calculation models of the struc-
tures are created in three dimensions and the earth-
quake effect in two horizontal directions perpendicular 
to each other is taken into consideration. The damping 
ratio is taken as 5%. Earthquake calculations of all struc-
tures in the study were done with SAP2000 finite ele-
ment software. Columns, beams, rib beams and waffle 
beams in the building models are modeled as a frame el-
ement in the SAP2000 finite element program. The slabs 
and walls are modeled as shell elements in the SAP2000 
finite element program. Since the finite element method 
is an approximate method, the wall and slab elements 
are divided into a number of rectangular and square 
mesh that can be sensitive to solution. In order to ensure 
a healthy load flow during the modeling phase, attention 
has been paid to overlap the joints of the axes where the 
walls and columns meet the slabs. Columns and shear 
walls at ± 0.00 level are supported in the SAP2000 pro-
gram as built-in foundation. Rules for the modeling of 
load bearing systems for linear calculations have been 
taken into consideration. The names of the buildings cor-
responding to the slab types are shown in Table 3. 

The load-bearing system behavior coefficients of 
beamed slab Type A buildings, waffle slab Type C build-
ings and flat slab Type B buildings were taken as R = 6 by 
performing the relevant controls in the earthquake reg-
ulation. As for ribbed (hollow core) slab Type D buildings 
the coefficient R = 5 was taken according to the earth-
quake codes of the one way ribbed slab. The dimensions 
of the bearing elements of the buildings with respect to 
the slab types are shown in Table 4. 

4.1. Design based loads and load calculations 

4.1.1. Fixed loads 

Structures are under the influence of fixed and dy-
namic (live) loads throughout their lifetime. However, 
structures can be exposed to different loading conditions 
such as impact load as well (Nasery et al., 2020; 
Ağcakoca et al., 2018; Al Munifi and Alameri, 2019; Al-
Safi et. al., 2020). Fixed loads affecting all building mod-
els are shown in Table 5. Wall loads are given for the unit 
area by converting them to distributed loads in order to 
simplify the calculations.

Table 3. Building names according to their slab types. 

Number of  
Floors 

Slab Type 

Beam Slab 
(Type A) 

Flat Slab 
(Type B) 

Waffle Slab 
(Type C) 

Ribbed (Hollow Block) Slab 
(Type D) 

3 Type 3A Type 3B Type 3C Type 3D 

4 Type 4A Type 4B Type 4C Type 4D 

5 Type 5A Type 5B Type 5C Type 5D 
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Table 4. The dimensions of the bearing elements of the buildings with respect to the slab types. 

Number of  
Floors 

Building 
Name 

Beam 
(cm) 

Slab 
(cm) 

Wide Beam 
(cm) 

Rib 
(cm) 

Column 
(cm) 

Wall 
(cm) 

3 

Type 3A 25/60 15 - - 

50/50 650/25 

Type 3B 25/60 26 - - 

Type 3C 25/60 10 50/35 15/35 

Type 3D 25/60 10 50/35 15/35 

4 

Type 4A 25/60 15 - - 

Type 4B 25/60 26 - - 

Type 4C 25/60 10 50/35 15/35 

Type 4D 25/60 10 50/35 15/35 

5 

Type 5A 25/60 15 - - 

Type 5B 25/60 26 - - 

Type 5C 25/60 10 50/35 15/35 

Type 5D 25/60 10 50/35 15/35 

Table 5. Constant load values. 

Unit volume weight of reinforced concrete elements 25 kN / m3 

Plaster + Coating (normal floors) 1.5 kN / m2 

Suspended Ceiling + Installation (on normal floors) 0.5 kN / m2 

Wall Load (normal floors) 2.8 kN / m2 

Plaster + Coating (on the roof) 1.0 kN / m2 

Suspended Ceiling + Installation (on the roof) 0.5 kN / m2 

4.2. Live loads 

Live loads and snow loads are determined in accord-
ance with TS 498. All live loads and snow loads affecting 
building models are presented in Table 6. 

Table 6. Dynamic and snow load values. 

Normal floor moving load  3.5 kN / m2 

Penthouse moving load  1.5 kN / m2 

Roof snow load  1.0 kN / m2 

 
The ground properties of the building models are 

shown in Table 7. Normal floor formwork plans based on 
their slab types are illustrated in Fig. 3. Three-dimen-
sional calculation models of only 4-storey buildings by 
slab types are shown in Fig. 4. 

Table 7. Soil information of the buildings. 

Soil Class Ss S1 SDS SD1 PGA PGV 

ZD 1.622 0.444 1.622 0.444 0.659 53.480 

5. Comparison of Analysis Results 

The building periods, base shear forces, maximum 
displacements and relative storey drifts obtained from 
the analyses are compared below. Earthquake load re-
duction coefficients in the X and Y direction used directly 
in the calculation of reduced design spectral accelera-
tions corresponding to 4 different slab types are shown 
in Table 8. 

Table 8. Earthquake load reduction coefficients. 

Slab  
Type 

3 storey 4 storey 5 storey 

Ra(TX) Ra(TY) Ra(TX) Ra(TY) Ra(TX) Ra(TY) 

Type A 3.678 3.678 4.340 4.35 5.146 5.173 

Type B 3.823 3.940 4.539 4.629 5.428 5.511 

Type C 3.699 3.706 4.367 4.381 5.166 5.208 

Type D 3.420 3.519 3.903 3.952 4.493 4.503 

 

When the slab types are compared, it can be seen from 
Table 9 that the earthquake load reduction coefficients 
increase as the number of floors increases. It is known 
that natural periods increase with increasing number of 
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floors. In this context, it can be said that earthquake 
load reduction coefficients are directly proportional to 
the period. Reduced design spectral accelerations of 

Type A, Type B, Type C and Type D structures designed 
according to 4 different slab types are shown in Table 
9.

  
 Type A Type B 

  
 Type C  Type D 

Fig. 3. Formwork plan. 

  
 3D calculation model of the Type 4A building 3D calculation model of the Type 4B building 

  
 3D calculation model of the Type 4C building 3D calculation model of the Type 4D building 

Fig. 4. Finite element models of buildings with different types of slabs.  
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Table 9. Reduced design spectral accelerations 

Slab 
Type 

3 storey 4 storey 5 storey 

SaR(TX) SaR(TY) SaR(TX) SaR(TY) SaR(TX) SaR(TY) 

Type A 0.441 0.441 0.374 0.373 0.315 0.314 

Type B 0.424 0.412 0.357 0.350 0.299 0.294 

Type C 0.439 0.438 0.371 0.370 0.314 0.311 

Type D 0.474 0.461 0.416 0.410 0.361 0.360 

 
When the slab types are compared among them-

selves, it is seen that the reduced design spectral accel-
erations decrease as the number of floors increases. The 
building weights of Type A, Type B, Type C and Type D 
building models are given in Table 10. 

Table 10. Weights of structures. 

Slab  
Type 

Weights (kN) 

3 storey 4 storey 5 storey 

Type A 18403 25085 31766 

Type B 21136 28778 36421 

Type C 19409 26468 33527 

Type D 19409 26468 33527 

 

When the building weights given in Table 10 are com-
pared, it can be seen that the flat slab Type B building 
models are the heaviest and the beam slab Type A build-
ing models are the lightest. Weights of ribbed slabs Type 
D buildings and waffle slab Type C buildings are almost 
the same. Comparing the building weights in percentage, 
Type B buildings with flat slabs was 13% heavier than 
beamed slab Type A buildings, 8% heavier compared to 
waffle slab Type C buildings and 8% heavier than one 
way ribbed slab Type D buildings. The natural vibration 
periods in the X and Y directions of the buildings mod-
eled based on 4 different slab types and the number of 
floors are provided in Table 11.  

Table 11. Natural vibration periods (sec)  
in X and Y directions. 

Slab 
Type 

X direction  Y direction 

3 
storey 

4 
storey 

5 
storey 

 
3 

storey 
4 

storey 
5 

storey 

Type A 0.171 0.267 0.384  0.171 0.269 0.388 

Type B 0.192 0.296 0.425  0.209 0.309 0.437 

Type C 0.174 0.271 0.387  0.175 0.273 0.393 

Type D 0.187 0.285 0.405  0.207 0.295 0.407 

  
Fig. 5. Natural periods in X and Y directions.

Fig. 5 shows the comparison of natural periods in X 
and Y directions. Initially we compared the periods in the 
X direction of Type 3B (3-storey model) with different 
building models. We have observed that it had an 11% 
larger period compared to Type 3A building, 9% larger 
than the Type 3C and 3% larger than the Type 3D build-
ing models. Similarly, the natural periods in X direction 
of Type 4B building had a 10% larger period compared 
to Type 4A building, 8% larger than the Type 4C building 
and 4% larger than the Type 4D building. Finally, the nat-
ural vibration periods in the X direction of Type 5B build-
ing had a 10% larger period compared to Type 5A build-
ing, 9% larger than the Type5C building and 5% larger 
than Type5D building. The period of Type B building was 
the largest followed by type D building models in all 
three different storeys. Type A buildings had the small-
est period in all three storeys. Next we compared the nat-
ural vibration periods in Y direction of Type 3B building 
with the remaining three building types. It could be seen 

that Type 3B had an 18% larger period compared to 
Type 3A building, 16% larger than the Type 3C and 1% 
larger than the Type 3D building models. Additionally, 
the natural periods in Y direction Type 4B building had a 
13% larger period compared to Type 4A building, 12% 
larger than the Type 4C building and 5% larger than the 
Type 4D building. Lastly, the natural vibration periods in 
the Y direction of Type 5B building had an 11% larger 
period compared to Type 5A building, 10% larger than 
the Type 5C building and 7% larger than Type 5D build-
ing. Similar to the X direction, the period of Type B build-
ing in the Y direction was the largest followed by type D 
building models in all three different storeys. Type A 
buildings had the smallest period in all three storeys. 

Total base shear force values in the X and Y directions, 
which are modeled with respect to 4 different slab types 
and floor volumes, are different from the horizontal 
earthquake forces (EXP and EYP) of Type A, Type B, Type 
C and Type D buildings as presented in Table 12. 
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Table 12. Base shear forces (kN) in X and Y directions. 

Slab 
Type 

X direction  Y direction 

3 
storey 

4 
storey 

5 
storey 

 
3 

storey 
4 

storey 
5 

storey 

Type A 8115 9374 10013  8115 9354 9960 

Type B 8968 10283 10883  8701 10084 10720 

Type C 8511 9831 10526  8495 9800 10442 

Type D 9204 11001 12103  8947 10864 12077 

 

As it can be seen that in both X and Y directions, the 
largest base share forces values are in ribbed (hollow 
core) slab Type D building models, Followed by flat slab 
Type B, waffle slab Type C and beam slab Type A building 
models, 

The lowest base shear force values can be found in the 
Type A building models with beam slabs, Although the 
building weights of Type C and Type D building models 
were the same, the base shear force values yielded dif-
ferent results (Fig. 6), This is due to the direct change of 
periods because of the arrangement of ribs in two direc-
tions in the plan in waffle slab systems, 

Fig. 6 shows the comparison of base shear forces in X 
and Y directions of different types of building and with 
three different storeys. Initially, we compared the base 
shear force of Type 4D (4-storey model) with different 
building models. We have observed that Type 4D had a 
15% bigger base shear force compared to Type 4A build-
ing, 11% bigger than the Type 4C and 7% bigger than the 
Type 4B building models. In addition, the base shear 
force in X direction of Type 5D building had a 17% larger 
base shear force compared to Type 5A building, 13% 
larger than the Type 5C building and 10% bigger than 
the Type 5B building. Next, we compared the base shear 
forces in Y direction of Type 3D building with the re-
maining three building types. It could be seen that Type 
3D had a 9% bigger shear force compared to Type 3A 
building, 5% larger than the Type 3C and 3% bigger than 
the Type 3B building models. Additionally, the base 
shear force in Y direction Type 4D building had a 14% 
bigger base shear force compared to Type 4A building, 
10% bigger than the Type 4C building and 7% larger 
than the Type 4B building. Lastly, the base shear forces 
in the Y direction of Type 5B building had a 18% bigger 
base shear force compared to Type 5A building, 14% 
larger than the Type 5C building and 11% larger than 
Type 5B building.

  
Fig. 6. Base shear forces in X and Y directions.

Maximum horizontal displacements consisting of EXP 
and EYP earthquake loads in X and Y directions are 
shown in Table 13. As seen in Table 13, the largest dis-
placement values in the direction of X and Y are seen in 
the Type D building models with ribbed slabs while the 
smallest displacement values are in the Type A building 
models with beam slabs. The displacement values of the 
flat slab Type B and ribbed (hollow block) slab Type D 
buildings are close to each other as can be seen in Table 
13. 

Fig. 6 compares the maximum displacements in X and 
Y directions of the top floor of different types of building 
and with three different storeys. Initially, we compared 
the maximum displacement in X direction of top floor of 
Type 3D (3-storey model) with different building mod-
els. We have observed that the Type 3D had a 32% bigger 
maximum displacement compared to Type 3A building, 
30% larger than the Type 3C and 1% bigger than the 
Type 3B building models. In addition, the top floor of 
Type 4D had a 25% bigger maximum displacement com-
pared to Type 4A building, 24% larger than the Type 4C 
and 5% bigger than the Type 4B building models. Finally, 

the maximum displacement in X direction of top floor of 
Type 5D building had a 18% larger maximum displace-
ment compared to Type 5A building, 23% larger than the 
Type 5C building and 8% bigger than the Type 5B build-
ing. Next we compared the maximum displacement in Y 
direction of top floor of Type 3D (3-storey model) with 
different building models. We have observed that the top 
floor of Type 3D building had a 9% bigger maximum dis-
placement compared to Type 3A building and 6% larger 
than the Type 3C. The maximum displacements of Type 
3B and Type 3D were close to each other. In addition, the 
top floor of Type 4D had a 10% bigger maximum dis-
placement compared to Type 4A building and 8% larger 
than the Type 4C. The maximum displacements of top 
floor of Type 4B and Type 4D were close to each other. 
Finally, the maximum displacement in Y direction of top 
floor of Type 5D building had a 13% larger maximum 
displacement compared to Type 5A building, 11% larger 
than the Type 5C building and 3% bigger than the Type 
5B building. 

Control values of effective relative storey drift of the 
top floors of buildings in X and Y directions are shown in 
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Table 14. The values of relative storey drifts are com-
pared to each other (Fig. 7). For all the building models, 
the ratio of effective relative storey drifts in both direc-
tions to the height of the floor was found below the limit 
value of 0,008 which is permitted by the design codes. 

Table 13. Maximum horizontal displacements (mm)  
in X and Y directions. 

Slab 
Type 

X direction  Y direction 

3 
storey 

4 
storey 

5 
storey 

 
3 

storey 
4 

storey 
5 

storey 

Type A 5,75 12,89 25,54  6,08 13,68 25,09 

Type B 8,36 16,38 28,33  6,58 14,99 27,74 

Type C 5,92 13,12 23,71  6,28 14,03 25,52 

Type D 8,42 17,18 30,96  6,70 15,19 28,69 

 

Table 14. Control of effective relative story drift  
in X and Y directions. 

Slab 
Type 

X direction  Y direction 

3 
storey 

4 
storey 

5 
storey 

 
3 

storey 
4 

storey 
5 

storey 

Type A 0.00227 0.00399 0.00595  0.00242 0.00425 0.00638 

Type B 0.00292 0.00478 0.00695  0.00262 0.00468 0.00712 

Type C 0.00234 0.00403 0.00593  0.00249 0.00434 0.00644 

Type D 0.00275 0.00437 0.00649  0.00219 0.00395 0.00607 

Fig 8. illustrates the relative storey drifts of the top 
floors of all the building models in X and Y directions. In-
itially, we compared the storey drifts in the X direction 
of Type 3B (3-storey model) with different building 
models. We have observed that it had 22% larger storey 
drift compared to Type 3A building, 20% larger than the 
Type 3C and 6% larger than the Type 3D building mod-
els. Similarly, the storey drift in X direction of the top 
floor of Type 4B building had a 17% larger drift com-
pared to Type 4A building, 16% larger than the Type 4C 
building and 9% larger than the Type 4D building. Fi-
nally, the storey drift in the X direction of the top floor of 
Type 5B building had a 14% larger storey drift compared 
to Type 5A building, 15% larger than the Type 5C build-
ing and 7% larger than Type 5D building. The storey drift 
of Type B building was the largest followed by type D 
building models in all three different storeys, Next, we 
compared the storey drifts in the Y direction of the top 
floor of Type 3B (3-storey model) with different building 
models. We have observed that it had 8% larger storey 
drift compared to Type 3A building, 5% larger than the 
Type 3C and 16% larger than the Type 3D building mod-
els. Similarly, the storey drift in Y direction of the top 
floor of Type 4B building had a 9% larger drift compared 
to Type 4A building, 7% larger than the Type 4C building 
and 16% larger than the Type 4D building. Finally, the 
storey drift in the Y direction of Type 5B building had a 
10% larger storey drift compared to Type 5A building, 
10% larger than the Type 5C building and 15% larger 
than Type 5D building. The storey drifts of Type B building 
were the largest and the storey drift of Type D building 
models were the smallest in all three different storeys,

  
Fig. 7. Maximum lateral displacements in X and Y directions. 

  
Fig. 8. Relative storey drifts in X and Y directions. 
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6. Conclusions 

The horizontal loads that will affect the structure due 
to the earthquake are transferred to the carrier system 
elements by means of floors. During the transfer of these 
loads, the floor does not wrinkle and the loads can be 
transported properly only if the rigidity of the flooring is 
high. Thus, a true diaphragm behavior can be mentioned.  

In the study, Earthquake calculations of model builds 
were analyzed by assuming full rigid diaphragm with 
beamed slab and waffle slab structures. Flat slab models 
and one way ribbed (hollow core) slab models were an-
alyzed by assuming semi-rigid diaphragm. Rigid dia-
phragm behavior can be assumed in the direction of ribs 
in one way ribbed (hollow) slab systems. But assuming 
full rigid diaphragm behavior in the direction perpendic-
ular to the ribs will give incorrect results. Therefore it is 
recommended to calculate such slab systems by assum-
ing semi rigid diaphragm as a whole. Building systems 
can easily change shape during an earthquake as the 
beams is not embedded in slab, it is recommended to as-
sume a semi-rigid diaphragm the calculations. 

As we evaluated the effect of changing slab types on 
building natural periods, it was observed that the biggest 
periods in the X and Y direction were in flat slab Type B 
building models. The fact that the buildings with flat 
slabs have a big natural period is because their horizon-
tal stiffness is less compared to other slab types. One way 
ribbed slabs Type D had the second biggest natural pe-
riod followed by waffle slab Type C. The beam slab Type 
A buildings had the smallest period in all three storeys 
among all building models. The periods of beam slab 
Type A and waffle slab Type C buildings were very close 
to each other, 

When the effect of the changing slab types on base 
shear forces was examined, it could be seen that the big-
gest base shear force values in the X and Y direction are 
in the Type D building models. Type B building models 
had the second and Type C building had the third biggest 
base shear forces. Type A building had the smallest base 
shear force, 

The largest displacement values in the X and Y direc-
tions were obtained in one way ribbed slab Type D build-
ing models and the smallest displacement values were in 
the beamed slab Type A building models. The maximum 
displacement in Type B and Type D were close to each 
other while the maximum displacements of Type A and 
Type C were closes to each other. 

All building models in the study were analyzed with 
the SAP2000 V20 finite element program according to 
TBDY (2018). C30/37 concrete and B420C reinforce-
ment steel were used as materials in all analyzes. It has 
been accepted that the buildings will be built in Sakarya 
-Erenler district and the ground classes are ZD. It is as-
sumed that all building models in the study are fixed to 
the foundation and foundation calculations are excluded. 
The effect of different slab type on the dynamic charac-
teristics of the building can be re-examined by changing 
all these assumptions as material and soil type. 

The buildings seismic analyzed in the study have a 
symmetrical plan, shear walls on the outer axes and co-
incide the center of mass and the center of rigidity . They 

have no irregularities specified in TBDY (2018). In other 
words, the most favorable situations have been consid-
ered. It is certain that different results will be obtained 
in different design styles. 

The study has concluded that it is recommended to 
use beamed slab systems in areas with high risk of earth-
quakes. Frames formed by beams, columns and walls 
created in beamed slab, hollow slab and waffle slab sys-
tems are of great importance in terms of the horizontal 
rigidity of the system. 
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A B S T R A C T 

Electric power systems have critical importance in the sustainability of social life and 
economy. The past and recent earthquakes showed clearly that these systems have 

high vulnerability due to earthquakes. In this study, the typical electric power sys-

tems which are commonly preferred and located at five different sites in high seismic 

zone of Turkey, Marmara region, have been examined. In the first part of the study, 

the earthquake hazard for Marmara region has been accomplished. The earthquake 
hazard curves at five different sites for two different earthquake levels, and two dif-

ferent site conditions as soft and stiff site classes according to the Turkish Building 

Seismic Design Code 2018 have been obtained. The seismic vulnerability assessment 

of substation and distribution circuits for two different design states, namely an-

chored and unanchored, achieved by the fragility functions. The probability of power 

outage durations have been evaluated based on the restoration curves. It has been 

observed that the results obtained within the scope of the study are highly consistent 

with post-earthquake studies in the literature. The proposed methodology through 

the power outage graphics enable a quick preliminary evaluation of the power outage 

based on the current design status and location for any electric power systems in the 

Marmara region. 
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1. Introduction 

Electric power systems (EPSs) are one of the critical 
infrastructures, exposed to threat of natural hazards, es-
pecially earthquakes. In general, EPSs contain genera-
tion facilities, substations, and distribution circuits. The 
EPSs are considered as the lifeline systems, which are es-
sential for the modern life and maintaining the function-
ality of emergency services and other lifelines such as 
water supply, fuel supply, wastewater treatment, and 
communications. The EPSs have direct relation with the 
economy. An interruption in the EPSs due to an earth-
quake event will cause serious loss in economic and so-
cial life (Kwasinski et al., 2014). Any earthquake damage 
on the substations, distribution circuits and/or on their 
specific components will lead to disruption in the whole 
system. Such a disruption in the EPSs will certainly affect 

the commercial and industrial activities in the region 
(Shinozuka et al., 1999). The observations in the recent 
earthquakes showed that EPSs and their sub-elements, 
including components of high/low-voltage substations 
and power transmission systems, have suffered dam-
ages and subsequently stoppage in power transmission. 
The seismic vulnerability of these sub-elements has been 
studied by researchers in recent years (Watson, 2010; 
Massie and Watson, 2011).  

Fujisaki et al. (2014) has studied seismic performance 
of high-voltage electric substation equipment and trans-
mission lines after major worldwide earthquakes. He had 
comprehensive observations and had some component 
based recommendations. A significant damage was ob-
served after the 11 March 2011 Tohoku Earthquake in Ja-
pan in the two important EPSs in their high voltage trans-
formers, circuit breakers, air disconnects, instrument 
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transformers and cable terminations elements. All these 
electric power components were restored in 90% within 
six days (Eidinger et al., 2012). The EPSs component 
such as 220kV CVT, 66kV transformer bushings, 11kV 
switchgear, porcelain surge arresters and non-structural 
elements in the substation buildings showed mainly 
slight and partly moderate damages after the 4 Septem-
ber 2010, MW 7.1 Darfield (Canterbury) earthquake, the 
22 February 2011, Mw 6.3 Christchurch earthquake and 
the 13 June 2011, MW 6.0 Christchurch earthquakes in 
the city Christchurch in New Zealand. The restoration of 
the transmission systems was completed within less 
than 6 hours after each earthquake events (Eidinger et 
al., 2010; Giovinazzi et al., 2011; Transpower, 2011a; 

Transpower, 2011b). Park et al. (2006) studied the per-
formance of urban electric utility distribution system af-
ter the February 28, 2001, MW 6.8 Nisqually earthquake. 
They estimated the distribution of outage durations and 
proposed fragility curves for lifelines.  

Significant damages to the bus support connectors (Fig. 
1-a), surge arrestors (Fig. 1-b), transformer bushings (Fig. 
1-c) and disconnect switch corona rings (Fig. 1-d) of 
500kV yard of San Diego Gas & Electric’s (SDG&E) Impe-
rial Valley Substation were observed after the 4 April 
2010, MW 7.2 Mexico earthquake. In the Howard et al. 
(2015) study, the critical elements for the SDG&E substa-
tion were identified and alternative retrofitting approaches 
were investigated through the nonlinear analysis. 

 

Fig. 1. Common failure types in the typical EPS components.

Buritica´ Corte´s et al. (2015) studied seismic vulner-
ability of bulk electric power systems by considering 
form and strength parameters with the hierarchical de-
composition method. Different scenarios were consid-
ered and obtained results were compared with the tra-
ditional methods. Shinozuka et al. (2005) proposed a 
method for performance evaluation of EPSs of the Los 
Angeles Department of Water and Power’s (LADWP’s). 
47 earthquake scenarios were used to develop the risk 
curves and relations with economical parameters were 
established. In the study of Liu and Feng (2006), seismic 
safety assessment method of electric power system was 
evaluated and alternative system flow load control 
method was proposed. Similarly, seismic vulnerability 
assessment studies for EPSs and its network with differ-
ent approaches and methodologies exist in the literature 
(Bompard et al., 2011; Kwasinski et al., 2014; Li et al., 
2008; Ma et al., 2010; Holmgren and Molin, 2006). 

In this study, rapid seismic vulnerability assessment 
has been realized for a typical EPS in Turkey and accord-
ingly probabilities of possible restoration durations have 
been evaluated. Marmara region which has a high seis-
mic hazard and locates many EPS facilities have been 
considered. The probability of seismic vulnerability of 
EPSs, mainly substations and distribution circuits have 
been assessed based on the fragility curves due to two 
levels of seismic hazard and two different site conditions 
of stiff (ZB) and soft (ZD) site classes according to the 
Turkish Building Seismic Design Code 2018 (TBSDC-
2018). The probability of power outage duration has 
been calculated for different periods using the damage 
probability matrices and restoration curves. 

This study will provide a reliable foresight for possi-
ble power outage duration in the typical EPSs in Mar-
mara region and it will also give insight to energy pro-
ducers to develop their post-earthquake activity plans.  
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2. Typical Electric Power System and Seismicity of 
Marmara Region   

 In general, EPSs consist of substations, distribution 
circuits and generation facilities. All of these compo-
nents are exposed to structural damages during major 
earthquakes. These potential damages may cause signif-
icant disruption of power supply. Comparing to conven-
tional building structures, the EPSs comprise rather 
complex contents due to their sub-elements such as; 
busbar system, bypass bus, busbar disconnector, circuit 
breaker, feeder disconnector, bypass disconnector, cur-
rent transformer, voltage transformer, earthing switch, 
surge arrester and post insulator, etc. Especially in the 
high seismic zones, a damage to any sub-element of the 
EPSs will lead to break entire network’s functionality 
(Nuti and Vanzi, 2004; Wang et al., 2019).   

In this study, the substations and distribution circuits 
as the components of EPSs are considered in the analysis 
for the power outage estimation methodology. A sub-
station is located in a region where it supplies energy. 
The key tasks of a substation are changing/switch-
ing/regulating voltage level, housing disconnect 
switches, circuit breakers etc, providing protection 
from lightening and switching surges, in case of neces-
sity frequency change and AC/DC conversion. A distri-
bution system can be considered as the number of cir-
cuits including poles, wires, in-line equipment and util-
ity-specific devices.   

In this study, five typical EPSs with different design 
forms located in Marmara region have been considered 
for the power outage estimation due to different earth-
quake hazard levels. The main assessment steps consid-
ered are shown in the flowchart in Fig. 2.

 

Fig. 2. Assessment methodology for EPSs performance evaluation and power outage estimation.

The seismic vulnerability of substations and distribu-
tion circuits are well correlated with the Peak Ground 
Acceleration (PGA) parameter (HAZUS-MH., 2011). 

In the current study, Probabilistic Seismic Hazard As-
sessments (PSHAs) have been performed in order to 
evaluate seismic hazard in Marmara region by consider-
ing seismic characteristics of the region, and ground mo-
tion attenuation models. The PGA distribution has been 
calculated as the ground motion intensity measure. The 
EC-FP7 SHARE project delivered a comprehensive seis-
mic hazard model referred as 2013 European Seismic 
Hazard Model (ESHM2013) for the region (Woessner et 
al., 2015). In the hazard analyses, reference shear wave 
velocities, Vs,30=760m/s and Vs,30=300m/s, have been 
used for stiff and soft sites, respectively as shown in Figs. 

3 and 4. The PGA distribution maps corresponding to 
475 years (DD2) and 72 years (DD3) return period of 
earthquakes have been derived from hazard analyses re-
sults. These results have been used in seismic risk as-
sessment of EPSs. 

Probabilistic seismic hazard analyses of EPSs located 
on the Marmara region have been performed by consid-
ering Poisson model (time independent model) under 
assumption that earthquakes occur with constant aver-
age frequency, but independently of each other (Woess-
ner et al., 2015; Cornell, 1968; Scherbaum et al., 2009). 
Computational model has been implemented in Open-
Quake engine for seismic hazard calculations (Pagani et 
al., 2014). PSHA model includes two important parts; 
definition of seismic source model that gives information 
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about seismicity of the region and; ground motion model 
that conducts with attenuation of ground motions by 
ground motion prediction equations (GMPEs) (Woess-
ner et al., 2015). In this study, source model has been 
constructed with area sources, background sources 
and line sources for the region. Area sources were in-
cluded in the analyses with 0.60 weight, line sources 
and background sources were included in analyses 
with 0.40 weight. As the ground motion attenuation 

models, Abrahamsan and Silva (2008), Boore and Atkin-
son (2008), Chiou and Youngs (2008), Campbell and Bo-
zorgnia (2008) ground motion prediction equations 
(GMPEs) were included with 0.25 weight in the proba-
bilistic hazard analyses. Probabilistic seismic hazard 
curves for EPSs located on Kirklareli, Kocaeli, Balikesir, 
Bandirma and Canakkale were calculated by seismic 
hazard analysis based on local site conditions shown at 
Fig. 5 (Site Class ZD and Site Class ZB).

 

Fig. 3. PGA distribution map for Vs,30=760m/s:  
a) 50 % probability of exceedance in 50 years; b) 10 % probability of exceedance in 50 years. 

 

Fig. 4. PGA distribution map for Vs,30=300m/s:  
a) 50 % probability of exceedance in 50 years; b) 10 % probability of exceedance in 50 years

3. Seismic Damage Assessment Based on Fragility 
Curves 

EPSs are one of the vital facilities supplying function-
ality to other critical infrastructures, lifelines and com-
munity. They have also economic and social impact in re-
gional level. The performance assessment of these types 
of facilities can be achieved by the fragility functions. 
These curves express the probability of reaching or ex-
ceeding structural damage value ‘D’ for the 𝑑𝑖  damage 
state at that given intensity parameter measure ‘Y’. The 
fragility curve can be considered as a formula of two pa-
rameters (median and standard deviation) lognormal 
distribution functions, is modelled as: 

𝑃(𝐷 ≥ 𝑑𝑖|𝑌) = 𝜙 (
𝑙𝑛𝑌−𝑙𝑛𝑌𝑚𝑖

𝜉
) (1) 

where, 𝑌𝑚𝑖  is median threshold value of 𝑖th  damage 
state, 𝜉 is the lognormal standard deviation and 𝜙 repre-
sents the standard normal cumulative distribution prob-
ability function. 

In this study, the fragility functions developed for typ-
ical substations and distribution circuits have been 
adapted for seismic assessment of existing EPSs in Mar-
mara region, Turkey by considering two different design 
states as proposed in HAZUS-MH (2011). Subsequently, 
the power outage duration has been estimated by resto-
ration curves depending on the regional seismicity and 

a b 

a b 
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exposed damage distribution (G&E Engineering Sys-
tems, 1994). The adapted fragility curves for the substa-
tions(S) and distribution circuits (DC) located in the 

EPSs for the anchored design (AD) and unanchored de-
sign (UD) states are given in Fig. 6.

 

Fig. 5. Considering each location, hazard curves in 50 years of PGA  
for ZB site class (left side) and ZD site class (right side). 
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Fig. 6. The adapted fragility curves of the substations (S) and distribution circuits (DC) for the rapid risk assessment.

A total of five damage states as “none, slight, moder-
ate, extensive, and collapse” have been identified in the 
Fig. 6. In the development of fragility curves, all sub-ele-
ments' vulnerability have been considered and mean 
damage have been extracted for the substations and dis-
tribution circuits in each damage state (HAZUS-MH., 

2011). Therefore, it is acknowledged that these curves 
are suitable for the rapid seismic risk assessment of 
EPSs. In this study, the calculation of power outage in the 
target facilities have been achieved by considering the 
restoration curves as shown in Fig. 7 proposed by the 
G&E report (1994).

 

Fig. 7. Restoration curves for electric power systems: a) substations; b) distribution circuits.

The power outages duration at the target sites are defined 
as the interval of non-functionality of substations and distri-
bution circuits. As it has been mentioned earlier, the substa-
tions and distribution circuits are sensitive to earthquake 
ground motion and in the case of a potential damage it will 
affect the wide region where these facilities are located.     

4. Power Outage Estimation of Electric Power Systems 

As described earlier, rapid risk assessment has been 
applied depending on the seismic hazard for the region 

and implementing main steps for the assessment as 
shown in the flowchart in Fig. 2. Using earthquake de-
mand and fragility curves, probability of damage at dif-
ferent damage states (𝑃𝑑𝑠𝑖) has been calculated. After-
wards, the probability of power outage (PPO) has been 
calculated based on the Eq. (2) through different days 
period (𝑇𝑘) dependent restoration curves (RC). 

 𝑃𝑃𝑂𝑇𝑘
= ∑ 𝑅𝐶𝑑𝑖,𝑘 ∙ 𝑃𝑑𝑠𝑖

𝑖=5
𝑖=1  (2) 
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The 𝑃𝑃𝑂𝑇𝑘
 has been calculated and illustrated in Figs. 

8 and 9 for ‘S’ and ‘DC’, respectively for DD2 earthquake 
level (probability of exceedance 10% in 50 years corre-
sponding to 475 years return period earthquake) which 

is the standard design earthquake level. PSHA has been 
carried out for ZB (Vs,30=760m/s) and ZD (Vs,30=300m/s) 
site classes representing the stiff and soft site conditions, 
respectively. 

 

Fig. 8. Power outage estimation for DD2 earthquake level for anchored design substations and distribution circuits. 

 

Fig. 9. Power outage estimation for DD2 considering unanchored design substations and distribution circuits.

As it can be seen from Fig. 8 clearly, ‘S’ has higher 
probability comparing with the ‘DC’ in different period 
duration of power outage. In this regard, the substations 
can be considered as critical elements in the current as-
sessment. In the evaluation of five typical EPSs located in 

Marmara region, the estimated power outages vary dra-
matically especially in Kocaeli (2) and Kirklareli (1) 
sites. For example, for 7 days of PPO at ‘S’ on ZB site 
class in Kocaeli (2) is 61% whereas it is 3% in Kirklareli 
(1). 
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In Fig. 9, the evaluation of ‘UD’ case for ‘S’ and ‘DC’ at 
two site classes are given. In ZD site class, the probability 
of two-days of Power Outage occurrence is obtained as 
above 90% for the ‘S’ in all sites except Kirklareli site in 
which the Power Outage occurrence is found as 45%. 
For the ‘DC’, whereas the highest value was 38% in 
Kocaeli site. There was no Power Outage expected in 

Kirklareli site. At the other sites, the expected power out-
age values become between 14% - 20%. The evaluation 
for DD3 earthquake level (probability of exceedance 
50% in 50 years corresponding to 72 years return pe-
riod earthquake) which is the frequent earthquake as 
described in TBSDC-2018 has been illustrated in Figs. 10 
and 11.

 

Fig. 10. Power outage estimation for DD3 level considering anchored design substations. 

 

Fig. 11. Power outage estimation for DD3 considering substations with unanchored.

For the typical EPSs in 5 different locations, in the fre-
quent earthquake level in two different site conditions of 
ZB and ZD, the performance of ‘S’ is shown in Fig. 10. In 
the first day, except the Kirklareli site, the PPO varies be-
tween 60% and 71% in ZD site conditions. In the ZB site 
condition, this value ranges between 41%-58%. How-
ever, in the fifth day after the earthquake the PPO varies 
between 16% and 27% for the ZD site class. It varies be-
tween 6% and 14% for ZB site Class. For the Kirklareli 
site, the first day the PPO value becomes 15% for the ZD 
site and 6% for the ZB site. In the fifth day after the earth-
quake case it is seen that the facility will be operational 
in 100% for ZB and ZD site conditions. 

In Fig 11, results for the ‘S’ are taken into account and 
it is seen that PPO values at the end of the 10th day be-
comes lower than 15% for both site conditions. In the 
DD3 earthquake level, in the case of ‘DC’ (‘AD’ and ‘UD’ 
states) with different site conditions PPO value is ob-
tained less than 1% and only slight damage is expected 
for all sites. It is estimated that the possible repairing du-
ration is less than 1 day. It is observed that the acquired 
results for the two earthquake design levels are compat-
ible with the past earthquake damage data (Eidinger et 
al., 2012; Giovinazzi et al., 2011). 

5. Conclusions 

EPSs have critical importance in the sustainability of 
social life and economy. The past and recent earthquakes 
showed clearly that these systems have high vulnerabil-
ity due to earthquakes. In this study, the typical EPSs 
which are commonly preferred and located at 5 different 
sites in Marmara region in Turkey have been examined. 
The vulnerabilities for the two design states of (an-
chored-unanchored) cases have been assessed. In the 
first part of the study, the earthquake hazard for Mar-
mara region has been accomplished. The earthquake 
hazard curves at 5 different sites for two different earth-
quake levels of DD2 and DD3, and two different site con-
ditions of ZD and ZB site classes according to the TBSDC-
2018 have been obtained. In the calculation of PPO due 
to a potential future earthquake, the assessments have 
been carried out through the substations (S) and distri-
bution circuits (DC). The PPO values have been calcu-
lated for different durations using the fragility curves 
and restoration curves.  

The obtained results showed that there is significant 
variation in the PPO values in different sites in Marmara 
region. Considering the PPO values obtained depending 
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on the vulnerability, it is seen that 'S' is in a much more 
critical situation when compared with ‘DC’. In general, 
considering the seismicity of the target region for the 
earthquake level DD2, the probability of interruption for 
the 7-days restoration period in the anchored (AD) de-
sign of the substations in all locations except Kirklareli  
on the ZD site condition is 50%-69%, whereas in unan-
chored (UD) case it becomes 65% -82%. At DD3 level, 
this value was obtained around 9% -17% for ‘AD’ and 
20% -29% for ‘UD’. In Kirklareli location for the DD2 
earthquake level and ZD site condition, the PPO value of 
‘S’ is 7% for ‘AD’ and 14% for ‘UD’. At the same location, 
at DD3 level, there is no power outage probability for 
‘AD’, but 1.5% for ‘UD’.  

It has been observed that the results obtained within 
the scope of the study are highly consistent with post-
earthquake studies in the literature. Therefore, for any 
EPSs to be considered in the Marmara region, the results 
of this study through the power outage graphics enable 
a quick preliminary evaluation of the power outage for 
the current design status and location in a very practical 
way. This allows the development of action plans for the 
EPS facilities before the potential future earthquake. 
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A B S T R A C T 

Extended end-plated connections are preferred in moment resisting frames due to 
their advantages such as no required in-situ welding, accurate fabrication and eco-

nomic feasibility compared to flange welded moment connections. The capacity of 

the extended end-plated connections depends on bolt configurations, end-plate 

thickness, bolt diameter and their material properties excluding column part. The 

thickness of end-plate can be computed using yield line mechanisms. Different yield 

line patterns are available in the literature and some of these are adopted in seismic 
codes to estimate the thickness of end-plate. In this study, the accuracy of different 

yield line patterns is compared using collected experimental data and numerical 

analysis. A parametric numerical analysis was conducted utilizing the finite element 

tool, ABAQUS. The results of experimental data and parametric study were evaluated 

for both unstiffened and stiffened four bolted extended end-plated connections. The 

results revealed that the capacity of the end-plate connections significantly depends 

on the yield line mechanism. Therefore, selecting an accurate yield line mechanism 

is essential in order not to overestimate the thickness of the end-plate. More im-

portantly is that these yield line mechanisms can be directly implemented to AISC 

358 and Turkish Building Earthquake Code 2018 (TBEC-2018). 
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1. Introduction 

End-plated connections are composed of a plate 
welded to a beam and attached to a beam or a column 
with pretensioned bolts. End-plated connections are 
classified into two categories: flush end-plate or ex-
tended end-plate. In extended end-plated connections, 
end-plates extend beyond the beam flanges so that at 
least one bolt row can be attached beyond the beam 
flanges. In flush end-plated connection, an extension of 
the plate is limited. Extended end-plated and flush end-
plated connections are given in Fig. 1. 

Extended end-plated connections are used in beam to 
column connections in moment-resisting frames. One of 
the most common extended end-plated configurations is 
shown in Fig. 2(a). In some cases, an additional plate is 
welded between end-plate and beam flanges. This plate is 
called stiffener or rib. This stiffener is used to reduce end-

plate thickness. In other words, this stiffener is used to in-
crease the moment capacity of the connection. Stiffened 
extended end-plated configurations are shown in Fig. 2(b). 

End-plated connections are preferred due to eliminat-
ing welding process in field, easy and fast erection, cheap 
installation, and suitable for winter erection. Research 
related to end-plated connections has been studying 
since 1950 and the studies are still ongoing (Karasu and 
Vatansever, 2021; Akgönen and Güneş, 2017; Sağıroğlu, 
2018; Yılmaz and Bekiroğlu, 2016; Özkılıç, 2021). The 
earlier connection designs result in thick end plates and 
large bolts since these designs were based on only stat-
ics. Later, design methods were developed thanks to fi-
nite element analyses. Other studies related to yield line 
theory improved the design methods.  

Kennedy et al. (1981) developed design guidelines 
for tee sub connections including three stages of plate 
behavior: thick plate, intermediate plate and thin plate. 

tel:+90-332-325-2024
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In thick plates, no prying forces are available. When the 
load increase, plastic hinge occur in the plate and the 
prying forces are formed. The plate is called an interme-
diate plate when prying forces are present. If the prying 
forces reach maximum, the plate is called a thin plate. 
 

Nomenclature 

bfp Width of beam flange 

bp Width of end-plate 

C Cyclic 

d Depth of beam excluding flange thickness 

db Bolt diameter 

de Vertical edge distance for outside holes 

dh Sum of bolt hole diameters across width of end-
plate 

Fy Yield strength of end-plate 

Fu Ultimate strength of end-plate 

g Horizontal distance between the bolts 

ho Distance from the centerline of the compression 
flange to the tension side outer bolt row 

hi Distance from the centerline of the compression 
flange to the tension side inner bolt row 

L Loading type 

M Monotonic 

MA Moment capacity predicted by Adey et al. (1997) 

MS Moment capacity predicted by Srouji et al. (1983) 

MÖ Moment capacity predicted by Özkılıç (2020a) 

Mu Required flexural strength 

p The length of yield line which extends to web 
(0.35d) 

pfi Vertical distance from inside of a beam tension 
flange to nearest inside bolt row 

pfo Vertical distance from inside of a beam tension 
flange to nearest outside bolt row 

Stif. Stiffening 

S Stiffened 

tf Flange thickness 

tp End-plate thickness 

ts Stiffener thickness 

tw Weld thickness 

U Unstiffened 

wf Flange weld thickness 

ws Stiffener weld thickness 

ww Web weld thickness 
 

Murray (1988) reviewed previous studies for flush 
end-plated and extended end plated configurations and 
design guidelines were presented. Murray (1990) devel-
oped design procedures for unstiffened four bolt case and 
stiffened extended eight bolt case. Chasten (1992) con-
ducted seven experiments with extended end plate con-
nections. The effects of prying forces were investigated. A 
simple design guideline was presented in addition to the 
existing design procedure. Hendrick and others (1995) 
modified the Kennedy methods to predict bolt forces. The 
modified Kennedy methods were compared with experi-
mental results. The results indicated that the modified 
Kennedy methods predict bolt forces accurately. 

Borgsmiller (1995) developed new and simple design 
methods for flush end-plate and extended end plate con-
nections. The bolt design methods were improved using 
Kennedy methods. The thickness of end-plates was de-
termined using yield line theory. In previous test results, 
it was observed that prying forces should be taken into 
account when ninety percent of end-plate strength is 
achieved. If applied loads exceed 90% of plate strength, 
the end plate is considered as thin plate and if applied 
loads are less than 90% of plate strength, the end-plate 
is considered as thick plate. In thick plates, prying forces 
are neglected and in thin plates, prying forces are taken 
as maximum. This simplified method is used in the cur-
rent AISC provision with slight changes. 

Summer and Murray (2001) developed new design 
methods including thin and thick plate designs. Six test 
specimens designed according to these methods were 
tested under monotonic loading. The results indicated 
that proposed design methods conservatively predict 
the strength of connections. Summer and Murray (2002) 
tested seven extended end plate specimens under cy-
cling loading. It was concluded that extended end plate 
connections can be used in seismic region and the con-
nections should be stronger than the beam so that failure 
will occur in the beam section. Murray and Shoemaker 
(2002) published a new design procedure for flush end-
plated and extended end-plated connections based on 
Borgimiller’s (1995) study. However, these procedures 
were valid only for low seismic forces and wind. Thick-
ness of end plates were determined from yield line anal-
ysis and bolt forces were determined from the simplified 
Kennedy method. Summer (2003) conducted experi-
mental and analytical studies to develop design guide-
lines for eight bolted extended end-plated connections 
exposed to cyclic loading. Eleven specimens were tested 
under cyclic loading and nine specimens were tested un-
der monotonic loading. The proposed design methods 
were compared with the previously tested ninety exper-
iments. The proposed guideline was a good correlation 
with previous experimental results. 

 

2. Yield Line Mechanisms 

Yield line method was firstly developed in order to 
calculate the strength of concrete slabs. This method ba-
sically relies on the virtual work method. It is important 
to accurately determine failure patterns, in other words, 
yield lines. Inaccurate yield lines may result in conserva-
tive or unconservative results depends on the length of 
the yield line. This method is utilized for the calculation 
of end-plate resistance. End-plate fracture and bolt frac-
ture are the main failure modes of the end-plated con-
nection. The prediction of the moment capacity of the 
end-plate connection is calculated as virtual work pro-
duced by end-plate yield lines for yield mechanism. 

Surtress and Man (1970) conducted the first study to 
predict the capacity of end-plate using yield lines. Then, 
Packer and Morris (1977) used yield line mechanism. 
Later, Mann and Morris (1979) modified the equation 
proposed by Packer and Morris. Whittaker and Walpole 
(1982) modified the yield line proposed by Surtress and 
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Man (1970) in order to take into account weld thickness. 
These yield lines are only applicable to unstiffened four 
bolted end-plated connections. Srouji et al. (1983) pro-
posed yield line mechanisms for both unstiffened and 
stiffened four bolted end plated connections. This yield 
line mechanism is currently used by AISC 358. Two dif-
ferent yield lines were developed depends on the length 

of end-plate extension beyond the outside bolt line. The 
calculation of end-plate thickness is not related to diam-
eter of bolts, instead, yield line pattern and yield strength 
of end-plates are only parameters that affect the thick-
ness of end-plate. Different from Srouji et al. (1983), 
AISC 358 guideline includes a constant value of 1.11 to 
numerator.

 
Fig. 1. End plated connections: (a) flush; (b) extended. 

 
Fig. 1. Extended end plate connections: (a) Unstiffened; (b) Stiffened.

Adey et al. (1997) modified Whittaker and Walpole’s 
yield line equations to obtain more accurate results for 
both unstiffened and stiffened four bolted end-plated 
connections. In the yield line mechanism of Whittaker 
and Walpole, yield line between the inner bolts reached 
0.6d. However, Adey et al. (1997) changed the distance 
of this yield line to 0.35d. Moreover, the yield line mech-
anism of Whittaker and Walpole only takes into account 
weld thickness; however, the yield line mechanism of 
Adey et al. (1997) takes into account both weld thickness 
and diameter of bolt. 

 Özkılıç (2020a) and Özkılıç and Topkaya (2021a) pro-
posed yield mechanism which takes into account reduc-
tions due to weld length and diameter of bolts for both 
unstiffened and stiffened four bolted end plated connec-
tion. Özkılıç (2020a) modified yield mechanism devel-
oped by Srouji et al. (1983) for unstiffened case while 
Özkılıç (2020a) modified yield mechanism developed by 
Shi et al. (2007) for stiffened case by taking into account 
reductions due to weld length and diameter of bolts. 

The calculation of end-plate thickness using the afore-
mentioned yield lines for unstiffened and stiffened four 

bolted cases are depicted in Tables 1 and 2, respectively. 
Moreover, the yield mechanisms proposed by Srouji et 
al. (1983), Aday et al. (1997) and Özkılıç (2020a) are il-
lustrated in Fig. 3 for both unstiffened and stiffened four 
bolted cases. 

Currently, Turkish Building Earthquake Code 2018 
(TBEC-2018) defines four bolted extended end-plated 
connections as moment connections. However, the cal-
culation of the capacity of the extended end-plated con-
nections is not currently included in Turkish Building 
Earthquake Code 2018 (TBEC-2018). AISC 358-16 uti-
lizes the yield mechanism of Srouji (1983) to calculate 
the end-plate thickness for four bolted extended end-
plated connections which results in very conservative 
estimation.  

In this present study, three different yield line mech-
anisms are evaluated using the collected experimental 
data and numerical analysis. The accuracy of these yield 
lines are compared and their conservatisms are pre-
sented. These yield lines can be directly adopted in 
TBEC-2018 and AISC 358-16 with proposed safety and 
overstrength factors.  
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Fig. 3. Yield line mechanisms. 

 

Fig. 4. Parameters used in the calculation of yield line mechanism. 

Table 1. Calculation of end-plate thickness for unstiffened four bolted extended end-plate. 

Surtress and Man (1970) 
𝑡𝑝,𝑟𝑒𝑞𝑑 = √

𝑀𝑢

𝐹𝑝𝑦𝑑(2
𝑏𝑝
𝑐
+
𝑑𝑓
𝑔
)

 

Packer and Morris (1977) 
𝑡𝑝,𝑟𝑒𝑞𝑑 = √

𝛼𝑀𝑢

𝐹𝑝𝑦𝑑(𝑏𝑝 − 𝑑ℎ)
 

Mann and Morris (1979) 
𝑡𝑝,𝑟𝑒𝑞𝑑 = √

𝛼𝑀𝑢

𝐹𝑝𝑦𝑑𝑏𝑝
 

Whittaker and Walpole (1982) 
𝑡𝑝,𝑟𝑒𝑞𝑑 = √

𝑀𝑢

𝐹𝑝𝑦𝑑 [2
𝑏𝑝

𝑐 − 𝑡𝑓 − 𝑤𝑓
+

2𝑝
𝑔 − 𝑡𝑤 − 2𝑤𝑤

]

 

Srouji et al. (1983) 
𝑡𝑝,𝑟𝑒𝑞𝑑 = √

𝑀𝑢

𝐹𝑝𝑦
𝑏𝑝
2
[ℎ1 (

1
𝑝𝑓𝑖

+
1
𝑠
) + ℎ0 (

1
𝑝𝑓𝑜

) −
1
2
] +

2
𝑔
[ℎ1(𝑝𝑓𝑖 + 𝑠)]

 

Adey et al. (1997) 
𝑡𝑝,𝑟𝑒𝑞𝑑 =

√

𝑀𝑢

𝐹𝑝𝑦𝑑 [
𝑏𝑝

2(𝑝𝑓𝑜 −
𝑑𝑏
2
− 𝑤𝑓)

+
2𝑝

𝑔 − 𝑡𝑏 − 2𝑤𝑤 − 𝑑𝑏
+

𝑏𝑝 − 𝑡𝑓 − 2𝑤𝑤

2(𝑝𝑓𝑖 −
𝑑𝑏
2
− 𝑤𝑓)

]

 

Özkılıç (2020a) 

𝑡𝑝,𝑟𝑒𝑞𝑑 =
√

𝑀𝑢

𝐹𝑝𝑦 [ℎ𝑜 [
𝑏𝑝
2

1
𝑝𝑓𝑜 − 0.5𝑑𝑏 −𝑤𝑓

] + 2ℎ1 [
𝑏𝑝 − 𝑡𝑤𝑒𝑏 − 2𝑤𝑤

4(𝑝𝑓𝑖 − 0.5𝑑𝑏 −𝑤𝑓)
+

𝑝𝑓𝑖 −𝑤𝑓 + 0.5𝑔
𝑔 − 𝑡𝑤𝑒𝑏 − 2𝑤𝑤 − 𝑑𝑏

]]
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Table 2. Calculation of end-plate thickness for stiffened four bolted extended end-plate. 

Srouji et al. (1983)                when de ≤ s    

𝑡𝑝,𝑟𝑒𝑞𝑑 =
√

𝑀𝑢

𝐹𝑝𝑦 [
𝑏𝑝
2
[ℎ1 (

1
𝑝𝑓𝑖

+
1
𝑠
) + ℎ0 (

1
𝑝𝑓𝑜

+
1
2𝑠
)] +

2
𝑔
[ℎ1(𝑝𝑓𝑖 + 𝑠) + ℎ0(𝑝𝑓𝑜 + 𝑑𝑒)]]

 

                  when de > s   

𝑡𝑝,𝑟𝑒𝑞𝑑 =
√

𝑀𝑢

𝐹𝑝𝑦 [
𝑏𝑝
2
[ℎ1 (

1
𝑝𝑓𝑖

+
1
𝑠
) + ℎ0 (

1
𝑝𝑓𝑜

+
1
𝑠
)] +

2
𝑔
[ℎ1(𝑝𝑓𝑖 + 𝑠) + ℎ0(𝑝𝑓𝑜 + 𝑠)]]

 

  

𝑠 =
1

2
√𝑏𝑝𝑔 

Adey et al. (1997) 
𝑡𝑝,𝑟𝑒𝑞𝑑 =

√

𝑀𝑢

𝐹𝑝𝑦𝑑 [
𝑏𝑝 − 𝑡𝑠

2(𝑝𝑓𝑜 −
𝑑𝑏
2
− 𝑤𝑓)

+
2(𝑝𝑓𝑜 + 𝑑𝑒)

𝑔 − 𝑡𝑠 − 2𝑤𝑠 − 𝑑𝑏
+

2𝑝
𝑔 − 𝑡𝑏 − 2𝑤𝑤 − 𝑑𝑏

+
𝑏𝑝 − 𝑡𝑓 − 2𝑤𝑤

2(𝑝𝑓𝑖 −
𝑑𝑏
2
− 𝑤𝑓)

]

 

Özkılıç (2020a) 
𝑡𝑝,𝑟𝑒𝑞𝑑 =

√
  
  
  
  
  
  𝑀𝑢

𝐹𝑝𝑦

[
 
 
 
 2ℎ𝑜 [

𝑏𝑝 − 𝑡𝑠 − 2𝑤𝑠
4(𝑝𝑓𝑜 − 0.5𝑑𝑏 −𝑤𝑓)

+
𝑝𝑓𝑜 −𝑤𝑓 + 𝑑𝑒

𝑔 − 𝑡𝑠 − 2𝑤𝑠 − 𝑑𝑏
] +

2ℎ1 [
𝑏𝑝 − 𝑡𝑤 − 2𝑤𝑤

4(𝑝𝑓𝑖 − 0.5𝑑𝑏 −𝑤𝑓)
+

𝑝𝑓𝑖 −𝑤𝑓 + 0.5𝑔
𝑔 − 𝑡𝑤𝑒𝑏 − 2𝑤𝑤 − 𝑑𝑏

]
]
 
 
 
 

 

Currently, Turkish Building Earthquake Code 2018 
(TBEC-2018) defines four bolted extended end-plated 
connections as moment connections. However, the calcu-
lation of the capacity of the extended end-plated connec-
tions is not currently included in Turkish Building Earth-
quake Code 2018 (TBEC-2018). AISC 358-16 utilizes the 
yield mechanism of Srouji (1983) to calculate the end-
plate thickness for four bolted extended end-plated con-
nections which results in very conservative estimation. In 
this present study, three different yield line mechanisms 
are evaluated using the collected experimental data and 
numerical analysis. The accuracy of these yield lines are 
compared and their conservatisms are presented. These 
yield lines can be directly adopted in TBEC-2018 and AISC 
358-16 with proposed safety and overstrength factors. 

 

3. Data Collection 

The experimental data is collected for both the un-
stiffened and stiffened extended end-plated connections 
(Özkılıç and Topkaya, 2021b). The experimental data is 
selected based on two important criteria. The first crite-
rion is that the main failure mode of the experiment 
should be end-plate related failure. Bolt failures, column 
failures, beam failures and welding failure may lead to 
making inaccurate interpretations for comparing the ca-
pacity of the end-plate. In other words, the specimens that 
failed due to non-related failures of end-plate are most 
probably failed before reaching the capacity of the end-
plate. The second criterion is that the moment capacity of 
the beam section should be higher than the ultimate ca-
pacity of the experiment. This criterion is set in order to 
limit or prevent the contribution of the beam on the ca-
pacity. Similarly, if the capacity of the beam is much less 
than the ultimate capacity, the specimen is most proba-
bly failed before reaching the capacity of the end-plate. 

The collected experimental data for the unstiffened 
case is shown in Table 3. A total of 34 experiments from 
14 studies are selected based on the aforementioned cri-
teria. Within the experimental data, the thickness of end-
plate varies between 8 and 23 mm. Both cyclic and mon-
otonic loadings are included. The diameter of bolt ranges 
between 12.7 mm and 31.8 mm. The depth of beams var-
ies between 225 mm and 580 mm (except #26, 28). 

The collected experimental data for the stiffened case 
is shown in Table 4. A total of 8 experiments from 4 stud-
ies are selected based on the aforementioned criteria. Un-
fortunately, very limited experiments are available ac-
companying the aforementioned criteria. Within the ex-
perimental data, the thickness of end-plate varies be-
tween 12-16 mm. Only cyclic loadings are available. The 
diameter of bolt ranges between 20.0 mm and 31.8 mm. 
The depth of beams varies between 225 mm and 580 mm. 

 

4. Results and Discussions on the Collected 
Experimental Data 

Two important capacities which are ultimate moment 
capacity (Mu) and plastic moment capacity (Mpl) are re-
ported. The ultimate moment capacity (Mu) is the maxi-
mum moment that occurred during the experiments. On 
the other hand, plastic moment capacity (Mpl) is the mo-
ment at the intersection of tangent lines passing elastic 
and plastic zones. Fig. 5 demonstrates the typical mo-
ment rotation relationship for end-plated connection. 
The strength of the end-plated connection can be defined 
using Mu or Mpl and no absolute definition is available in 
the literature. It is accepted that all yield lines are formed 
at Mpl. Strain hardening and second order effects are in-
cluded in Mu. 

Table 5 shows the results for unstiffened extended 
end-plated connections. The ratio of Mp/Mu is equal or 
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larger than 1.0 indicating that the extended end-plate 
connection reached its ultimate capacities without 
reaching plastic moment capacity of the beam. The ratio 
of Mu/Mpl ranges between 1.05 and 2.11. It means that 
the extended end-plated connection can perform more 

than two times plastic moment capacity. It is a direct in-
dication that design guidelines that utilize plastic mo-
ment capacities overly underestimate the capacity of the 
extended end-plate connection. 

Table 3. Properties of experimented specimens for unstiffened four bolted case. 

# Specimens L tp Fy Fu db tf tw bfp bp wf ww g pfi pfo de ho hi 

1 SP6 C 12 325 388 24 9.8 6.2 120 150 10 10 85 40 45 35 280 185 

2 SP7 C 10 313 387 24 9.8 6.2 120 150 10 10 85 40 45 35 280 185 

3 FS1a M 10 340 481 20 10.7 7.1 150 150 6 4 90 40 40 30 335 245 

4 FS1b M 10 340 481 20 10.7 7.1 150 150 6 4 90 40 40 30 335 245 

5 FS4a M 10 698 741 20 10.7 7.1 150 150 6 4 90 40 40 30 335 245 

6 FS4b M 10 698 741 20 10.7 7.1 150 150 6 4 90 40 40 30 335 245 

7 S2 C 13.3 295 501 25.4 11.6 7.2 171 200 10 10 100 44 44 30 390 290 

8 S3 C 13 285 510 25.4 11.6 7.2 171 200 10 10 100 44 82 30 428 290 

9 M1 C 15.9 340 510 28.6 19 11 193 230 12 12 125 45 45 60 500 390 

10 M2 C 15.9 340 510 28.6 19 11 193 230 12 12 125 45 100 60 555 390 

11 M3 C 19 356 504 31.8 19.0 11.4 193 230 12 12 125 45 100 60 555 390 

12 L1 C 15.9 340 510 25.4 19.6 12 229 270 12 12 150 44 45 60 645 536 

13 L2 C 15.9 340 510 25.4 19.6 12 229 270 12 12 150 45 135 60 735 535 

14 L3 C 19 356 504 31.8 19.6 12 229 270 12 12 150 45 135 60 735 535 

15 EPB 1-1 M 12 227 318 20 10.7 7 150 180 10 10 105 50 60 50 355 235 

16 EPB 2-1 M 12 227 318 20 10.7 7 150 180 10 10 105 50 60 50 355 235 

17 EP 1-1 M 12 227 318 20 10.7 7 150 180 10 10 105 50 60 50 355 235 

18 EP 2-1 M 12 227 318 20 10.7 7 150 180 10 10 105 50 60 50 355 235 

19 Beam10 M 10 331 506 20 10.2 6.1 180 180 10 6 100 58 58 50 357 237 

20 Beam12 M 12 306 510 20 10.2 6.1 180 180 10 6 100 58 58 50 357 237 

21 Jenkins M 15 275 - 20 13.7 7.7 167 200 6 6 120 55 55 60 355 235 

22 S10 M 10 425 567 24 11.8 6.7 166 270 8 5 140 40 40 36 341 249 

23 EP-1-8 M 8 250 - 16 13.1 7.7 140 140 8 6 80 50 50 40 350 240 

24 EP-3-10 M 10 250 - 16 13.1 7.7 140 140 8 6 80 50 50 40 350 240 

25 EP-4-10 M 10 250 - 16 13.1 7.7 140 140 8 6 80 70 70 40 370 220 

26 4E C 13 427 - 22 12.7 9.5 203 203 6 6 102 64 38 57 1429 
131

4 

27 E36 M 23 320 - 28.6 16.7 10 260 260 6 6 152 51 51 35 455 335 

28 E55 M 19 408 - 25.4 25 16 205 205 6 6 127 102 35 45 1650 
140

5 

29 P4 M 10 295 418 20 10.7 7.1 150 150 6 6 90 30 30 30 350 285 

30 JD1 M 12 763 796 27 12 10 180 200 10 10 100 50 50 50 345 233 

31 JD2 M 12 763 796 27 12 10 180 200 10 10 100 50 50 50 345 233 

32 BC1-1 M 12 332 496 20 11.8 6.7 166 200 10 10 124 50 50 70 351 239 

33 BCJ-2 M 12 332 496 20 11.8 6.7 166 200 10 10 124 50 50 70 351 239 

34 BCJ-4 C 12 332 496 20 11.8 6.7 166 200 10 10 124 50 50 70 351 239 

#1-2: Özkılıç (2020a); #3-6: Coelho et al. (2004); #7-14: Adey et al. (1997); #15-18: Bursi and Jaspart (1997); #19-20: Adegoke 
(2009); #21: Shi et al. (1996); #22: Zhu et al. (2019); #23-25: Arul Jayachandran et al. (2009); #26: Summer (2003); #27: Abel and 
Murray (1994); #28: Borgsmiller et al. (1995); #29: Aleksander and Damian (2019); #30-31: Qiang et al. (2018); #32-34: Wang et 
al. (2018) 
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Table 4. Properties of experimented specimens for stiffened four bolted case. 

# Specimens L tp Fy Fu db tf tw bfp bp ts wf ww ws g pfi pfo de ho hi 

1 SP9 C 12 325 388 24.0 9.8 6.2 120 150 10 10 10 10 85 40 45 35 280 185 

2 SP10 C 10 313 387 24.0 9.8 6.2 120 150 10 10 10 10 85 40 45 35 280 185 

3 M4 C 15.9 340 510 31.8 19.0 11.4 193 230 19 10 10 10 125 50 100 60 560 395 

4 M6 C 15.9 340 510 31.8 19.0 11.4 193 230 19 10 10 10 125 50 100 60 560 395 

5 L4 C 15.9 340 510 31.8 19.6 11.9 229 270 19 12 12 12 150 45 135 60 735 535 

6 4ES C 13 386 601 25.4 9.5 6.4 203 203 6 6 5 6 114 45 45 44 586 507 

7 JC4 C 16 282 588 20.0 12.0 8.0 200 200 8 10 10 10 108 50 50 50 344 232 

8 JC5 C 12 318 611 20.0 12.0 8.0 200 200 8 10 10 10 108 50 50 50 344 232 

#1-2: Özkılıç (2020a); #3-5: Adey et al. (1997); #6: Ryan (1999); #7-8: Bu et al. (2019) 

 
Fig. 5. Typical moment-rotation relationship. 

Fig. 6 shows the comparison of the predicted and ac-
tual plastic moment capacities. The average ratios of ac-
tual plastic and predicted moment capacities are 1.27, 
0.84 and 0.96 according to yield mechanisms of Srouji et 
al. (1983), Adey et al. (1997) and Özkılıç (2020a), respec-
tively. The accuracy of the latter is better than those of 
formers. Except for three test specimens, the yield mech-
anism of Srouji et al. (1983) underestimates the plastic 
moment capacity. On the other hand, the yield mechanism 
of Adey et al. (1997) overestimates the plastic moment ca-
pacities except for 10 test specimens. It should also be 
mentioned that the yield mechanism of Adey et al. (1997) 
significantly overestimates plastic moment capacities of 
#14, 26 and 28 where the depth of the beam is relatively 
higher. This behavior is expected since the yield mecha-
nism of Adey et al. (1997) extends the yield line up to 0.35 
times the depth of the beam. Compared to those yield 
line mechanisms, the results of the yield line mechanism 
proposed by Özkılıç (2020a) give more balanced results. 

The average ratio of ultimate moment capacity to mo-
ment capacity calculated using the yield line mechanism 
proposed by Srouji et al. (1983) is 1.92. The maximum 
ratio can reach 2.84, which is a significant underestima-
tion of the ultimate capacity. The average ratios modify 
to 1.30 and 1.47 for the yield line mechanism proposed 
by Adey et al. (1997) and Özkılıç (2020a). The fact that 
the minimum ratio of ultimate moment capacity to 

moment capacity calculated using the yield line mecha-
nism proposed by Srouji et al. (1983) is 1.03 indicates 
that for all cases this yield mechanism gives conservative 
results. The ratio of ultimate moment capacities to mo-
ment capacity predicted by Adey et al. (1997) for #14, 26 
and 28 is significantly low due to the depth of the beam.  

The relation between end-plate thickness and the ratio 
of actual ultimate and predicted moment capacities is 
shown in Fig. 7. It is seen that only for two cases the ratio 
is higher than 2.0 for the cases where thickness of end-
plate is higher than 12 mm. On the other hand, the highest 
ratio is observed when the thickness of end-plate is 8 mm. 

Table 6 shows the results for stiffened extended end-
plated connections. Due to the very limited availability of 
experimental data for the stiffened case, the cases where 
the ratio of Mp/Mu is higher than 0.75 are also utilized 
provided that the main failure is related to the end-plate. 
The ratio of Mu/Mpl ranges between 1.46 and 1.93. A sim-
ilar conclusion can be drawn also here that the stiffened 
extended end-plated connection can perform up to al-
most two times plastic moment capacity. The average ra-
tios of predicted and actual plastic moment capacities 
are 1.16, 0.87 and 0.87 according to the yield mecha-
nisms of Srouji et al. (1983), Adey et al. (1997) and 
Özkılıç (2020a), respectively. The prediction of Özkılıç 
(2020a) is slightly better than the others. This can also 
be seen in Fig. 8. On the other hand, the average ratios of 
ultimate plastic moment capacities and predicted capac-
ities are 1.99, 1.36 and 1.48 according to the yield mech-
anisms of Srouji et al. (1983), Adey et al. (1997) and 
Özkılıç (2020a), respectively. 

 

5. Numerical Study 

Numerical study was conducted in order to evaluate 
further the prediction of the yield line mechanism for the 
parameters which did not particularly examined in the 
collected experimented specimens given in the previous 
section. Numerical analyses were performed using the fi-
nite element tool, ABAQUS. The experimental program 
conducted by Zhu et al. (2019) was adapted. After the 
verification model, a parametric study was carried out. 
Nonlinear geometry and material were considered. 
C3D8R type of elements was utilized for meshing all 

Mpl

Mu

M

θ0
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members. The end-plate was divided into four ele-
ments through the thickness, which was recommended 
by Özkılıç (2020b) in order to simulate the bending and 
buckling behavior accurately. Mesh sizes of 10 and 5 
mm were utilized for the end-plate and bolts whereas a 
slightly larger mesh size of 20 mm was used for the 
beam and column face. The column was not modeled 
explicitly; instead, the column face was modeled in order 
to reduce computational cost. The welds were explicitly 

implemented in the model. Mesh configuration is de-
picted in Fig. 9. All degrees of freedom of the bottom sur-
face of the column face were restrained. Loading was ap-
plied to the end of the beam where MPC constraint was 
defined. The finite sliding surface-to-surface contact 
with tangential contact behavior was defined to model 
contact between bolts and end-plate and between end-
plate and the column face. The bolts were pre-tensioned 
using “Bolt Load” option in ABAQUS.

Table 5. Results for unstiffened extended end-plated connections. 

# Mpl Mu Mp Mp/Mu Mu/Mpl MS MA MÖ Mpl/MS Mpl/MA Mpl/MÖ Mu/MS Mu/MA Mu/MÖ 

1 75 138 147 1.06 1.84 68 115 106 1.11 0.65 0.71 2.04 1.20 1.30 

2 55 116 147 1.27 2.11 45 77 71 1.21 0.72 0.77 2.56 1.51 1.63 

3 106 142 189 1.33 1.34 66 90 83 1.61 1.17 1.28 2.16 1.57 1.71 

4 109 161 189 1.17 1.48 66 90 83 1.65 1.21 1.31 2.44 1.78 1.94 

5 166 185 189 1.02 1.11 135 185 170 1.23 0.90 0.97 1.37 1.00 1.09 

6 164 188 189 1.00 1.15 135 185 170 1.21 0.88 0.96 1.39 1.01 1.10 

7 180 203 327 1.61 1.13 135 233 208 1.33 0.77 0.87 1.50 0.87 0.98 

8 140 191 327 1.71 1.36 107 167 139 1.30 0.84 1.01 1.78 1.14 1.37 

9 460 700 761 1.09 1.52 298 590 520 1.54 0.78 0.89 2.35 1.19 1.35 

10 255 483 761 1.58 1.89 246 422 340 1.04 0.60 0.75 1.96 1.14 1.42 

11 320 596 761 1.28 1.86 579 674 541 0.55 0.48 0.59 1.03 0.88 1.10 

12 520 774 1310 1.69 1.49 437 838 719 1.19 0.62 0.72 1.77 0.92 1.08 

13 344 551 1310 2.38 1.60 337 558 432 1.02 0.62 0.80 1.64 0.99 1.27 

14 385 742 1310 1.77 1.93 504 938 731 0.76 0.41 0.53 1.47 0.79 1.01 

15  94 272 2.89  58 75 69    1.63 1.26 1.36 

16  96 169 1.76  58 75 69    1.67 1.28 1.39 

17  120 168 1.40  58 75 69    2.08 1.61 1.74 

18  98 168 1.71  58 75 69    1.70 1.31 1.42 

19 80 158 216 1.37 1.98 61 75 70 1.32 1.07 1.15 2.60 2.12 2.27 

20 96 155 216 1.39 1.61 81 99 93 1.19 0.97 1.04 1.92 1.56 1.67 

21 150 198 233 1.18 1.32 114 128 126 1.32 1.17 1.19 1.74 1.54 1.57 

22 152 245 252 1.03 1.61 91 180 137 1.67 0.84 1.11 2.69 1.36 1.78 

23 43 80 143 1.79 1.86 28 38 33 1.53 1.14 1.32 2.84 2.12 2.46 

24 61 112 143 1.28 1.84 44 59 51 1.39 1.03 1.20 2.54 1.90 2.20 

25 52 96 143 1.49 1.85 39 49 43 1.34 1.06 1.20 2.47 1.95 2.21 

26 850 1229   1.45 775 2193 986 1.10 0.39 0.86 1.59 0.56 1.25 

27 476 681 1365 2.00 1.43 506 655 656 0.94 0.73 0.73 1.35 1.04 1.04 

28 1836 1928 10002 5.19 1.05 1835 4917 2734 1.00 0.37 0.67 1.05 0.39 0.71 

29 138 151 192 1.27 1.09 74 130 117 1.86 1.06 1.18 2.04 1.16 1.29 

30 313 406 620 1.53 1.30 225 352 332 1.39 0.89 0.94 1.80 1.15 1.22 

31 320 394 620 1.57 1.23 225 352 332 1.42 0.91 0.96 1.75 1.12 1.19 

32 97 176 246 1.40 1.81 92 118 115 1.06 0.82 0.84 1.92 1.49 1.53 

33 118 194 246 1.27 1.64 92 118 115 1.29 1.00 1.03 2.12 1.64 1.69 

34 132 204 246 1.21  92 118 115 1.44 1.11 1.15 2.23 1.72 1.77 

Mean 273 353 714 1.60 1.55 228 442 313 1.27 0.84 0.96 1.92 1.30 1.47 

Min 43 80 143 1.00 1.05 28 38 33 0.55 0.37 0.53 1.03 0.39 0.71 

Max 1836 1928 10002 5.19 2.11 1835 4917 2734 1.86 1.21 1.32 2.84 2.12 2.46 
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Fig. 6. The comparison of actual and predicted  

moment capacities for unstiffened cases. 

In order to verify the assumed boundary conditions, 
mesh configuration and material model, the specimen 
S10BP of the study performed by Zhu et al. (2019) was 
simulated. This specimen is the same as with #22 speci-
men in Table 3 except that a backing plate was included, 
which resulted in an increase in the rigidity of the col-
umn face. For the verification model, the material prop-
erties of the specimen given by Zhu et al. (2019) were 

used. Fig. 10 compares the experimental findings and nu-
merical results in terms of moment-rotation. It is ob-
served that the numerical models exhibit slightly rigid 
behavior. This can be attributed to the behavior of the 
column which may act inelastic during the experiments. 
However, very slight differences of 4% and 5% between 
numerical and experimental results were observed for 
Mu and Mpl capacities, respectively. Fig. 11 demonstrates 
the failure mode at the end of the experiment at 0.10 rad 
rotation and PEEQ distribution at 0.10 rad rotation. In 
numerical models, high strain concentration was ob-
served at the edge of the flange where failure was ob-
served in the experiments. Moreover, the numerical 
model exhibited similar deformed shapes with the ex-
perimented specimen. Therefore, it can be concluded 
that a good agreement is observed between numerical 
and experimental findings. 

 
Fig. 7. The ratio of actual ultimate and predicted  

moment capacities. 

 
Fig. 8. The comparison of actual and predicted  

moment capacities for stiffened cases.

 
Fig. 9. Mesh configuration. 
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Table 6. Results for stiffened extended end-plated connections. 

# Mpl Mu Mp Mp/Mu Mu/Mpl MS MA MÖ Mpl/MS Mpl/MA Mpl/MÖ Mu/MS Mu/MA Mu/MÖ 

1 109 191 147 0.77 1.75 104 165 157 1.04 0.66 0.69 1.83 1.16 1.22 

2 87 168 147 0.87 1.93 70 110 105 1.25 0.79 0.83 2.41 1.53 1.60 

3 502 734 761 1.04 1.46 386 654 569 1.30 0.77 0.88 1.90 1.12 1.29 

4 440 796 761 0.96 1.81 386 654 569 1.14 0.67 0.77 2.06 1.22 1.40 

5 520 999 1310 1.31 1.92 512 901 784 1.02 0.58 0.66 1.95 1.11 1.27 

6 414 623 716 1.15 1.50 364 516 415 1.14 0.80 1.00 1.71 1.21 1.50 

7 222 362 268 0.75 1.63 218 247 246 1.02 0.90 0.90 1.66 1.46 1.47 

8 191 331 268 0.81 1.73 138 157 156 1.38 1.22 1.22 2.39 2.11 2.12 

Mean 311 526 547 0.96 1.72 272 425 375 1.16 0.80 0.87 1.99 1.36 1.48 

Min 87 168 147 0.74 1.46 70 110 105 1.02 0.58 0.66 1.66 1.11 1.22 

Max 520 999 1310 1.31 1.93 512 901 784 1.38 1.22 1.22 2.41 2.11 2.12 

 
Fig. 10. Comparison of moment-rotation curves. 

After the verification of the numerical model, a para-
metric study was conducted. The main aim of the para-
metric study was to explore the effects of the parameters 
on the accuracy of the yield line mechanisms. These pa-
rameters were selected based on the collected experi-
mental data. The parameters which were not empha-
sized during the experiments were included in the para-
metric study. The parametric study was conducted for 
unstiffened and stiffened cases. A total of twenty models 
given in Table 7 were constructed. Models 1-10 were 
built for unstiffened cases whereas Models 11-20 were 
constructed for stiffened cases. Models 1 and 11 repre-
sent the reference models. Diameters of bolt were in-
creased to 30 mm for Models 2 and 12. Gage distance 
was decreased to 100 mm for Models 3 and 13. Thick-
ness of weld was double for Models 4 and 14. For Models 
5 and 15, depth of beam was increased. Edge distance 
was increased to 60 mm for Models 6 and 16. Width of 
beam flange was increased to 250 mm for Models 7 and 
17. Vertical distance from inside of a beam tension flange 
to nearest inside bolt row was reduced to 35 mm for 
Models 8 and 18 whereas vertical distance from inside of 
a beam tension flange to nearest outside bolt row was 
decreased to 35 mm for Models 9 and 19. Thickness of 
end-plate was reduced to 8 mm for Models 10 and 20. 

 

Fig. 11. Comparison of failure modes. 

In the parametric study, the negative contribution of 
the beam, column and bolts to the capacity was elimi-
nated. This was achieved by avoiding any failure or yield-
ing of the bolts, beam and columns. Pursuant to this goal, 
yield strength of 235 MPa and 420 MPa were selected for 
the end-plate and beam, and the column face was mod-
eled as elastic. Moreover, a slightly larger bolt diameter 
of 27 mm with 10.9 Grade was selected. The multilinear 
stress-strain curve recommended by Yun and Gardner 
(2017) was employed. Isotropic hardening was imple-
mented to simulate the material model. The numerical 
modes were loaded up to 0.10 rad rotation which is the 
rotation capacity of the experimented specimen.  
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Table 7. Properties of experimented specimens for unstiffened four bolted case. 

# Stif. tp db tf tw bfp bp wf ww g pfi pfo de ho hi 

1 U 10 27 11.8 6.7 166 270 8 5 140 40 40 36 341 249 

2 U 10 30 11.8 6.7 166 270 8 5 140 40 40 36 341 249 

3 U 10 27 11.8 6.7 166 270 8 5 100 40 40 36 341 249 

4 U 10 27 11.8 6.7 166 270 16 10 140 40 40 36 341 249 

5 U 10 27 11.8 6.7 166 270 8 5 140 40 40 36 541 449 

6 U 10 27 11.8 6.7 166 270 8 5 140 40 40 60 341 249 

7 U 10 27 11.8 6.7 250 270 8 5 140 40 40 36 341 249 

8 U 10 27 11.8 6.7 166 270 8 5 140 35 40 36 341 254 

9 U 10 27 11.8 6.7 166 270 8 5 140 40 35 36 336 249 

10 U 8 27 11.8 6.7 166 270 8 5 140 40 40 36 341 249 

11 S 10 27 11.8 6.7 166 270 8 5 140 40 40 36 341 249 

12 S 10 30 11.8 6.7 166 270 8 5 140 40 40 36 341 249 

13 S 10 27 11.8 6.7 166 270 8 5 100 40 40 36 341 249 

14 S 10 27 11.8 6.7 166 270 16 10 140 40 40 36 341 249 

15 S 10 27 11.8 6.7 166 270 8 5 140 40 40 36 541 449 

16 S 10 27 11.8 6.7 166 270 8 5 140 40 40 60 341 249 

17 S 10 27 11.8 6.7 250 270 8 5 140 40 40 36 341 249 

18 S 10 27 11.8 6.7 166 270 8 5 140 35 40 36 341 254 

19 S 10 27 11.8 6.7 166 270 8 5 140 40 35 36 336 249 

20 S 8 27 11.8 6.7 166 270 8 5 140 40 40 36 341 249 

The parametric results for unstiffened extended end-
plated connections are depicted in Table 8. The ratio of 
Mp/Mu is larger than 1.0 indicating that the extended 
end-plate connection reached its ultimate capacities 
without reaching the plastic moment capacity of the 
beam. The ratio of Mu/Mpl ranges between 1.37 and 1.57. 
It means that the extended end-plated connection can 
perform almost 1.5 times the plastic moment capacity. 
Similar to experimental data, a significant underestima-
tion was observed in the ultimate capacity with an aver-
age range of 3.21 and 4.66.  

Fig. 12 shows the comparison of the predicted and ac-
tual plastic moment capacities for the results of the un-
stiffened parametric study. The average ratios of actual 
plastic and predicted moment capacities are 3.83, 2.19 
and 2.14 according to yield mechanisms of Srouji et al. 
(1983), Adey et al. (1997) and Özkılıç (2020a), respec-
tively. For all cases, the yield mechanism of Srouji et al. 
(1983) significantly underestimates the plastic and ulti-
mate moment capacity. The yield mechanisms of Adey et 
al. (1997) and Özkılıç (2020a) exhibited similar conserv-
atism for both the plastic and ultimate moment capaci-
ties. Overall, the accuracy of the yield line mechanism of 
Özkılıç (2020a) is slightly better than that of Adey et al. 
(1997). 

Table 9 shows the parametric results for stiffened ex-
tended end-plated connections. Similar to unstiffened 
case, the ratio of Mp/Mu is also larger than 1.0. The ratio 
of Mu/Mpl ranges between 1.29 and 1.57. A similar con-

clusion can be drawn also herein that the stiffened ex-
tended end-plated connection can perform up to almost 
1.5 times plastic moment capacity. The average ratios of 
predicted and actual plastic moment capacities are 3.22, 
2.23 and 2.22 according to the yield mechanisms of 
Srouji et al. (1983), Adey et al. (1997) and Özkılıç 
(2020a), respectively. The prediction of Özkılıç (2020a) 
is slightly better than the others. This can also be seen in 
Fig. 13. On the other hand, the average ratios of ultimate 
plastic and predicted moment capacities are 4.66, 3.24 
and 3.21 according to yield mechanisms of Srouji et al. 
(1983), Adey et al. (1997) and Özkılıç (2020a), respec-
tively. For the ultimate moment capacity, very high un-
derestimation is also observed. 

 
Fig. 12. The comparison of actual and predicted  

moment capacities for unstiffened cases.  
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Table 8. Results of the parametric study for unstiffened cases. 

# Mpl Mu Mp Mp/Mu Mu/Mpl MS MA MÖ Mpl/MS Mpl/MA Mpl/MÖ Mu/MS Mu/MA Mu/MÖ 

1 235 349 415 1.19 1.48 66 107 111 3.54 2.19 2.12 5.25 3.25 3.14 

2 253 373 415 1.11 1.47 66 116 120 3.81 2.18 2.11 5.61 3.22 3.11 

3 263 372 415 1.12 1.41 71 117 116 3.72 2.25 2.28 5.26 3.17 3.22 

4 272 374 415 1.11 1.37 66 177 184 4.10 1.54 1.48 5.63 2.12 2.04 

5 399 614 767 1.25 1.54 114 199 187 3.50 2.00 2.13 5.40 3.08 3.28 

6 239 351 415 1.18 1.47 66 107 111 3.60 2.23 2.15 5.28 3.27 3.16 

7 267 400 415 1.04 1.50 66 107 111 4.02 2.49 2.41 6.03 3.73 3.61 

8 249 355 415 1.17 1.43 69 121 125 3.62 2.05 1.99 5.16 2.93 2.84 

9 252 358 415 1.16 1.42 70 125 133 3.59 2.01 1.90 5.10 2.86 2.70 

10 204 323 415 1.28 1.59 42 69 71 4.80 2.97 2.87 7.61 4.72 4.56 

Mean 263 387 450 1.16 1.47 70 125 127 3.83 2.19 2.14 5.63 3.24 3.16 

Min 204 323 415 1.04 1.37 42 69 71 3.50 1.54 1.48 5.10 2.12 2.04 

Max 399 614 767 1.28 1.59 114 199 187 4.80 2.97 2.87 7.61 4.72 4.56 

Table 9. Results of the parametric study for stiffened cases. 

# Mpl Mu Mp Mp/Mu Mu/Mpl MS MA MÖ Mpl/MS Mpl/MA Mpl/MÖ Mu/MS Mu/MA Mu/MÖ 

1 252 375 415 1.11 1.49 87 116 119 2.89 2.17 2.12 4.30 3.22 3.16 

2 270 403 415 1.03 1.49 87 125 128 3.10 2.16 2.11 4.62 3.22 3.15 

3 317 408 415 1.02 1.29 96 133 131 3.29 2.38 2.42 4.24 3.07 3.12 

4 296 415 415 1.00 1.40 87 185 184 3.39 1.60 1.61 4.76 2.24 2.26 

5 489 690 767 1.11 1.41 147 215 200 3.33 2.28 2.45 4.70 3.21 3.45 

6 265 391 415 1.06 1.47 90 120 123 2.95 2.22 2.16 4.34 3.27 3.18 

7 295 414 415 1.00 1.40 87 116 119 3.38 2.54 2.48 4.75 3.56 3.48 

8 261 383 415 1.08 1.47 90 130 133 2.91 2.00 1.96 4.28 2.94 2.88 

9 258 379 415 1.09 1.47 91 133 138 2.83 1.94 1.86 4.16 2.84 2.74 

10 228 358 415 1.16 1.57 56 74 76 4.09 3.06 3.00 6.42 4.81 4.71 

Mean 293 422 450 1.07 1.45 92 135 135 3.22 2.23 2.22 4.66 3.24 3.21 

Min 228 358 415 1.00 1.29 56 74 76 2.83 1.60 1.61 4.16 2.24 2.26 

Max 489 690 767 1.16 1.57 147 215 200 4.09 3.06 3.00 6.42 4.81 4.71 

 
Fig. 13. The comparison of actual and predicted  

moment capacities for stiffened case. 

6. Conclusions 

In this present study, three different yield mecha-
nisms are evaluated for both stiffened and unstiffened 
four bolt extended end-plated connections. Pursuant to 
this goal, a total of 42 experimental data is collected from 
14 different studies and a parametric numerical study 
using ABAQUS was performed. Numerical models are ca-
pable of predicting the behavior of the extended end-
plated connections. The following conclusions can be 
drawn based on the collected data and the parametric 
study: 
 The prediction of plastic moment capacity by yield 

line mechanisms for stiffened extended end-plated 
connections is more accurate than that of unstiffened 
extended end-plated connections. 
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 The ultimate capacity of extended end plate connec-
tion can be averagely up to twice the plastic moment 
capacity. 

 A general trend is observed that as the thickness of 
end-plate reduces, the ratio of actual moment capaci-
ties to predicted moment capacities increases. This 
behavior is further needed to be detailed examined.  

 One should be careful about the depth of the beam 
while using the yield mechanism of Adey et al. (1997). 
If the depth of the beam is relatively high, the yield 
mechanism significantly overestimates the capacity. 

 Numerical results revealed that the underestimation 
of the capacity can significantly be increased when 
any failure or yielding of the bolts, beam and columns 
is eliminated.  

 The yield line mechanism proposed by Srouji under-
estimates the capacity. This yield mechanism is cur-
rently used by AISC 341-16 Seismic Provisions for 
Structural Steel Buildings with a safety factor of 0.9 
which makes it more conservative. 

 Among three yield mechanisms, the yield mechanism 
proposed by Özkılıç (2020a) gives more accurate es-
timation of the moment capacity. If this yield line 
mechanism is adopted in the guidelines (AISC 358 or 
TBEC 2018), it is recommended to use safety factor of 
0.9 (0.9x1.67 for ASD) to predict plastic moment ca-
pacity while it is advised to utilize 1.25 (1.25x1.67 for 
ASD) overstrength factor to predict ultimate moment 
capacity. 

 Based on the results of the parametric study, for fu-
ture studies a new yield line mechanism to predict un-
stiffened and stiffened extended end-plated connec-
tions to be developed is recommended. 
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A B S T R A C T 

A large proportion of road and railway bridges, present in Turkey served for many 
years, have been completed their service life or will soon. Continuing safety and sus-

tainability of these bridges under traffic loads have been of great increasing im-

portance to roadway and railway transportation line to be continuous servicing. In 

addition, the demolition and reconstruction of bridges that have reached the end of 

their service life or are nearing completion will have a negative impact on the coun-
try's economy. All of these requirements' detailed examination of bridges in order to 

provide economical and safe service, considering current vehicle loads and earth-

quake loads. The Mahmutçavuş Bridge is investigated as a simply supported contin-

uous composite roadway bridge at this work. The finite-element model of the bridge 

is constituted by site investigation and measurement. Different truckloads using for 

the design of the bridge are determined, and static analysis of the bridge is conducted. 

Seven earthquake records are scaled for two different earthquake design spectrums. 

The nonlinear time-history analyses are conducted, considering Δ-δ effects. The per-

formance of the bridge for varying truckloads and earthquake loads is investigated, 

and results are discussed in detail. 
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1. Introduction 

Turkey has in the past experienced major earth-
quakes and, consequently, significant structural, life, and 
property losses (Damci et al., 2015; Inel et al., 2008; 
Korkmaz et al., 2010; Tolon and Mızrak, 2017). The dis-
asters in the past have shown that timely delivery to the 
exposure areas is important as the damage occurs to the 
structure, and many urgent intervention plans are pre-
pared for quick implementation in the area. Highway 
lines are the most basic transportation network used in 
transportation to disaster areas. For this reason, the 
fact that road transport systems continue to be func-
tional after natural disasters are of great importance in 
order that disaster areas can be reached quickly and 
that necessary intervention can be made on time. 
Bridges are the vulnerable components of the transpor-
tation system, and due to economic reasons, the existing 

system needs to be used as long as possible, and its 
safety is ensured. The long service life and increasing 
traffic load require more detailed investigation on the 
roadway bridge to sustain the safe and economical ser-
vicing of the road. 

Erzurum Province includes many active seismic faults 
and has been exposed to devastating earthquakes in the 
near past; Horasan-Narman 1983 (Ms=6.8), Erzurum 
1859, Erzurum 1901 (MS=6.1), Horasan 1924 (Ms=6.8), 
Hinis (Erzurum) 1952 (Ms=5.6), Horasan-Narman 1983 
(Ms=6.7), Balkaya 2984 (Mb=6.4), Şenkaya 1999 
(MI=5.1), Aşkale 2004 (Ms=5.3). Because of these major 
earthquakes, much loss of life and property was experi-
enced. In order to prevent loss of life and property, the 
earthquake performance of existing structures and 
bridges in the Erzurum region should be determined. 
Past earthquakes show that bridges are vulnerable com-
ponents of the roadway system with regard to seismic 
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damage, and the main reason for damage in steel bridges 
essentially originates from buckling, extremely low-cy-
cle fatigue, tension, shearing break, and damage to sup-
ports (Usami and Ge, 2009; Rokneddin et al., 2014). Past 
design criteria for roadway bridges do not include seis-
mic load, and with an increase in vehicle loads, questions 
are starting to be asked regarding whether or not the 
performance of old roadway bridges is sufficient and 
safe. Also, bridges lose design load-carrying capacity due 
to many different aging phenomena, such as corrosion of 
steel bridge components, which is one of the well-known 
deterioration processes seen on bridges, and damage oc-
curring after natural hazards (Ghosh and Padgett, 2010). 
Because of the deterioration of bridges and design that 
does not consider seismic code, the bridges are vulnera-
ble to seismic events, and many different retrofitting 
methods are updated and used to increase the safety of 
these bridges (Usami et al., 2005). Besides, the Econom-
ical design of bridges for different truckloads and differ-
ent beam configurations was investigated, which is es-
sential for the financial growth of the civilization 
(Atmaca, 2019). 

The seismic performance of bridges is determined us-
ing a mathematical model of the bridge. There are three 
analytical methods used for the seismic assessment of 
bridges: Static analysis, pushover analysis, and time his-
tory analysis. Static analysis is essentially used to calcu-
late the live load acting on the bridge and increase the 
traffic load with a constant to determine the dynamic ef-
fect of the load and apply seismic load as a lateral static 
load and equivalent earthquake load method and mod 
shape assembly method. Pushover analysis and time his-
tory analysis are conducted to determine the seismic 
performance of the bridge. Pushover analysis applies a 
fundamental modal load to the bridge system and in-
creases the load until a target displacement or collapse 
of the bridge and gives conservative results (Lu et al., 
2004; Zheng et al., 2003). Time history analysis (THA) 
gives more realistic results but requires more time and 
computational efforts. However, with advances in com-
puter technology, THA is beginning to be used in seismic 
assessment of structures and bridge systems 
(DesRoches et al., 2004; Nielson and DesRoches, 2007; 
Padgett and DesRoches, 2008; Saadeghvaziri and 
Yazdani-Motlagh, 2008). In addition to lateral seismic 
force, vertical seismic force is also critical to determine 
the seismic performance of the bridge, and recent seis-
mic code has started to consider vertical ground motion 
in bridge design (Kunnath et al., 2008).  

These studies investigate an existing bridge that was 
serviced until 1961. A finite element model using site in-
vestigation and finite element model is constituted. A dif-
ferent truckload is applied to the model to determine the 
highest moment occurring in the superstructure and 
the maximum displacement in the span. Seven seismic 
records are used for time history analysis with match-
ing spectral response acceleration for 2% and 10% ac-
ceding probability for a 50-year period. Damage in the 
bridge column, steel girders, and bridge bearings are 
investigated. Location and progress of damages are de-
termined according to the pushover-analysis. The 

weakest component of the bridge is determined ac-
cording to the time history analysis. Spectral accelera-
tion of scaled earthquake records shows that the record 
has different acceleration values for higher frequency 
from the 475-year design spectrum but closer values 
for the 2475-year design spectrum. Bridge components 
performance is determined considering both earth-
quake scenarios. 
 

2. Description of the Bridge 

Mahmutçavuş Bridge is located 400 km from Pasinler, 
Oltu, Narman National roadway, on the Kışla village 
roadway. The bridge is a typical multi-span continuous 
steel roadway bridge. The first and last spans of the 
bridge are 10 m long, and the middle span of the bridge 
is 12 m long. The total length of the bridge is 56 meters, 
and the total width of the bride is 5.4 meters. The bridge 
is in service since its construction time in 1961. There 
are two gravity abutments and four steel piers on which 
the superstructure is positioned. A composite steel sec-
tion and concrete slabs are used to constitute the super-
structure of the bridge, while elastomeric fixed bearings 
are positioned at the middle piers, and elastomeric ex-
pansion bearings are positioned at the abutments. The 
piers of the bridge are constituted by welding two 
IPN240 steel sections, and each pier is composed of four 
columns. The width of the bend beam is 52 cm, and the 
height of the bend beam is 58 cm. Fig. 1 shows the gen-
eral view of the bridge, and Fig. 2 shows the section view 
of the bridge. The superstructure of the bridge is com-
posed of 5 IPN360 steel beams and concrete slabs. The 
bridge overpasses the Norman stream, and the water 
height of the river changes seasonally. In winter, only 
one pier of the bridge is underwater, but in spring and 
summer, all piers of the bridge are exposed to water. The 
total height of the bridge piers is 4m, but because of soil 
accumulation in the river, half of the columns are placed 
under accumulated soil.  
 

3. Finite Element Model  

A finite element model of the bridge is constituted by 
Sap2000 finite element software according to site in-
vestigation and measurement. Because of the construc-
tion date of the bridge, there is no available shop draw-
ing and design project. Therefore, all sections and dis-
tances are measured on-site, and the finite element 
models of the bridge are constituted. Two node beam el-
ements are used to model the piers, and the superstruc-
ture and 4-node shell elements are used to model the 
concrete slab. The supports are modeled using nonlin-
ear link elements. The friction coefficient between the 
bearings and supports are calculated as for elastomeric 
pads and modeled with a friction link. Fig. 3 shows a 3D 
finite element model of the bridge, Fig. 4 shows the ac-
tual photograph of the bridge, and Fig. 5 shows the hys-
teresis model of fixed and elastomeric expansion bear-
ings. 
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Fig. 1. General view of MSC composite bridge. 

 

Fig. 2. Section view of MSC composite bridge. 

 
Fig. 3. 3D finite element view of MSC steel roadway bridge. 

 

Fig. 4. Photograph of the bridge. 
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Fig. 5. Hysteresis models of: a) Fixed elastomeric bearing; b) Expansion elastomeric bearing (Nielson, 2005).

Since there is no specimen test for these MSC bridges, 
the material properties are obtained from previous stud-
ies in the literature. Yields and ultimate strengths are 
given for European railway and roadway bridges and are 
considered as   MPa and   MPa, respectively (Larsson and 
Lagerqvist, 2009). Both material and geometric nonlin-
ear behaviors of bridges are considered in this study.  

To conduct nonlinear time history analysis and push-
over analysis, a finite element model of the bridge is con-
stituted using Seismostruct finite element software. Ma-
terial nonlinearity is defined by nonlinear hysteretic ma-

terial modeling (Fig. 6) and the spread fiber model. Geo-
metric nonlinearity is considered as P-Δ large displace-
ment. Modal properties for the Mahmutçavuş Bridge are 
illustrated in Table 1. The first mod of the bridge is an 
effective mod and represents 55% of the longitudinal 
mass. The second, third, and fourth modes constitute 
transverse mods, which represent 82% of the bridge 
transverse mass and the periods of these mods change be-
tween 0.27s to 0.33s. The dominant vertical mod is also 
calculated. The modal participation mass ratio for the 
dominant vertical mod is 0.44, and the period is 0.098s.

 

Fig. 6. Hysteretic steel material model. 

Table 1. Modal properties for MSC steel girder bridge. 

Mode Number Period Longitudinal Transverse Vertical 

First 0.4937 0.5487 0 0 

Second 0.3336 0 0.4023 0 

Third 0.2930 0 0.1058 0 

Fourth 0.2759 0 0.3119 0 

Twelfth 0.0987 0 0 0.4432    
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4. Loading of the Bridge 

Mahmutçavuş Bridge is designed with H15-44 truck-
load, as illustrated in Fig. 7. In AASHTO (1935) specifica-
tion, there are H15-44, H20-44, HS15-44, and HS20-44 
truckloads used in the design of the bridge, considering 
the weight of the truck. In addition to this truckload, 

9.35kN/m (240 flp), the continuous load is applied to the 
structure as mentioned in AASHTO (1935). The one-line 
truckload is applied to two longitudinal steel girders, 
and maximum displacement, maximum positive mo-
ment, and maximum negative moment are recorded as a 
result of static analysis. 

 
Fig. 7. Design truck load (HL-93, Caltrans).

AASHTO also developed an impact factor to increase 
the live load to account for the bounce and sway of vehi-
cles, and the formulation is shown in Eq. (1). L is the 
length of the bridge span in feet.  

𝐼 =
50

𝐿+125
≤ 0.3 (1) 

Using Eq. (1), the impact factor for 10m span and 12m 
span is calculated as 0.31 and 0.30, respectively. Accord-
ing to these calculations, the live load needs to be in-
creased by 30%. 

Maximum displacement and moments calculated in 
the bridge span under truckload are illustrated in Table 
2. According to AASHTO specifications, the maximum 

permitted displacement is 15mm (L/800). The calcu-
lated vertical displacement in the bridge span changes 
between 29.06 mm and 41.89 mm and does not satisfy 
the specification limits. The maximum positive moment 
in the steel girder changes between 107.93 kN/m and 
149.105 kN/m, and the minimum moment in the steel 
girder bridge changes between -118.47 kN/m and -
176.22 kN/m. According to these moments, the maximum 
compression and tension stress in the steel girder beam 
change between 118.67 N/mm2 and 193.75 N/mm2. The 
examined stress is very close to the steel yielding stress 
limits. To the safety of the bridge transportation, de-
tailed measurement and investigation should be done, 
and the serves load of the bridge should be limited be-
fore these measurement and further repair activities.

Table 2. Maximum displacement and moment calculated on the bridge span. 

 Max Displacement (mm) Max Moment (kN/m) Min Moment (kN/m) 

H15-44 34.30  139.03 -176.22 

H20-44 41.89 149.105 -173.61 

HS15-44 29.06 107.93 -118.47 

HS20-44 35.10 128.48 -146.38 

5. Pushover Analysis of the Bridge 

Static pushover analysis in the transverse direction is 
conducted to determine the nonlinear behavior of the 
bridge. Lateral loads are applied to the bridge superstruc-
ture. Material nonlinearity is modeled with a spread fiber 
plastic hinge. Nonlinear material is modeled using a bilin-
ear steel model. Geometric nonlinearity is considered 
with Δ-δ large displacement. Transverse displacement 
limits are assumed to be 20% off pier height, and the struc-
ture is pushed at the displacement limits. Fig. 8 shows the 
pushover curve and plastic hinge occurring in the bridge. 

When the peak displacement reaches 16mm, the 
first plastic hinges occur at the brace member. When 
the peak displacement reaches 32 mm, the plastic hinge 
of the second and third bridge piers began to occur in 
the areas where the soil came into contact with the 
piers. As the horizontal displacement increases further, 
the plastic hinges are formed at the upper ends of the 
bridge piers and in the regions where the brace con-
nects to the bridge piers. In the idealized force-dis-
placement diagram in Fig. 8, the yielding displacement 
of the bridge is calculated as 38.13mm with 3380 kN 
base shear. For two types of design spectrums: level 1 

H15-44 

H20-44 

HS15-44 

HS20-44 

30 kN 120 kN 

40 kN 160 kN 

30 kN 120 kN 120 kN 

40 kN 160 kN 160 kN 

4.25 m 4.25 m 4.25-9.15 m 
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(2% exceedance possibility for 50 years) and level 2 
(10% exceedance possibility for 50 years), target dis-
placements are calculated as 45.36mm and 22.79 mm, 
respectively. The bridge is pushed until the top  

displacement reaches 800mm, and the deform shape of 
the bridge is shown in Fig. 9. Using the deform shape of 
the bridge, lateral displacement at the top of all piers 
can easily be calculated.

 
Fig. 8. Pushover analysis of Mahmutçavuş Bridge:  

a) Pushover curve; b) 3D view of the location of the plastic hinges on the bridge. 

 

Fig. 9. Deform shape of the bridge under pushover analysis.

6. Time-History Analysis of the Bridge 

Erzurum is located in a seismically active area of Tur-
key, and many catastrophic seismic events have oc-
curred. 1901, Erzurum (Ms=6.1), 1924 Horasan 
(Ms=6.8), 1983, Horasan-Narman (Ms=6.8), 1984, Bal-
kaya (Erzurum) (Ms=6.4) earthquakes are some of the 
devastating seismic events that have occurred in Erzu-
rum Province. The investigated MSC bridge is located at 
the coordinates of 400, 20', 28" N, and 410,54', 56" E. Ac-
cording to Turkish Seismic Risk Maps, short-period spec-
tral acceleration (S_(a_0.2s)) and long-period spectral 
acceleration (S_(a_1.0s)) values are obtained as 0.718g 
and 0.181g for 10% existing possibility for 50 years and 
1.368g and 0.340g for 2% existing possibility for 50 
years respectively.  

Seven different strike-slip earthquake records are se-
lected from Erzurum and other seismic areas and scaled 
to a design spectrum specified in the Turkish seismic risk 
maps for bridge location. The scaling of the earthquake 
records was made so that the scaled earthquake acceler-
ation was not smaller than the design spectral accelera-
tion, between 0.2 and 1.5 times the dominant period of 
the bridge. Fig. 10 shows the scaled earthquake record 
for a 475-year return period, and Fig. 11 shows the spec-
tral acceleration of matched earthquake data and design 
spectrum for 475-year and 2475-year return periods. 

6.1. Damage limit states  

In determining the earthquake performance of the 
bridges, two different earthquake loads were defined: 
light earthquake (LL) and strong earthquake (UL). The 
LL earthquake is the earthquake with a high probability 
of being encountered during the lifetime of the bridge, 
and although the earthquake load of UL is greater than 
LL, the earthquake load is less likely to be encountered 
during the lifetime of the bridge. Damage occurs after 
extreme events described in the literature with a dam-
age level of bridge elements is categorized into four dif-
ferent classes in the literature. These classes are slight 
damage, moderate damage, extensive damage, and col-
lapse. In the bridge design, it is aimed to design it in 
such a way that slight damage could be visualized un-
der LL earthquake to be exposed during the lifetime of 
the bridge, and bridges could be continuous servicing. 
Under UL earthquake load, bridges are expected to sus-
tain life safety (extensive damage) damage level, and no 
collapse phenomena are expected under UL earthquake 
load.  

An important part of the bridge was designed without 
considering seismic load. As a result, different damage to 
the bridge under seismic events has been seen. Defi-
ciency of column rotation capacities and shear capacities 
and damage to bridge bearings and steel braces were 
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seen in the 1978 Miyagi-ken-oki and 2011 Great East Ja-
pan earthquakes (Kawashima, 2012). Damage to steel 
columns, lateral braces, and bearings have also been 
seen in different earthquake events. Bridges exposed to 
earthquakes allow engineers to observe bridge perfor-
mances under real conditions. In light of the data ob-
tained from past earthquakes and experimental studies, 
many different damage limit states have been identified 

in the literature for the determination of bridge perfor-
mance (Table 3) (Bruneau et al., 1996; Bruneau, 1998). 

In this study, rotation limits were used to determine 
the four types of damage in the columns (see Table 3), 
and the four displacement limits determined for bearing 
damage are shown in Table 4. Also, yielding and fracture 
strain limits are used to determine the damage limit 
state of steel brace members.

 
Fig. 10. Matched earthquake record for the 475-year return period. 

  

Fig. 11. a) Spectrum acceleration of matched earthquake data and design spectrum for the 475-year return period;  
b) Spectrum acceleration of matched earthquake data and design spectrum for the 2475-year return period. 

Table 3. Column damage limit state. 

 Damage State 

 Slight Moderate Extensive Complete 

Column Rotation (θ) θy 2θy 4θy 8θy 

 

Table 4 Bearing damage limit state (Nielson, 2005). 

 
Damage State 

 
Slight Moderate Extensive Complete 

Pinned Bearing Longitudinal (mm) 28.9 104.2 136.1 186.6 

Pinned Bearing Transverse (mm) 28.8 90.9 142.2 195 

Sliding Bearing Longitudinal (mm) 28.9 104.2 136.1 186.6 

Sliding Bearing Transverse (mm) 28.8 90.9 142.2 195 
 

(a) (b) 
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The yielding rotation of the bridge and column are cal-
culated using Eq (2). Yield rotation for the beam is 
θy=0.01512 for the first and last span and θy=0.01827 for 
the middle spans, and yield rotation for the column is 
θy=0.00414.  

𝜃𝑦 =
𝑊𝑝𝐹𝑦𝐼𝑏

6𝐸𝐼𝑏
 (2) 

6.2. Analysis results and discussion 

Nonlinear time history analysis was conducted for LL 
(475-year return period) and UL (2475-year return pe-
riod) earthquakes. In five of the seven LL earthquake 
records, the braces were exposed to slight damage; for 

one LL earthquake, the piers were exposed to collapse 
damage, for one LL earthquake, the beam was exposed 
to extensive damage, and for one LL earthquake, sliding 
bearings were exposed to collapse damage. For seven UL 
earthquake records, the braces were exposed to slight 
damage; for three UL earthquakes, the piers were ex-
posed to moderate damage, and for one UL earthquake, 
the piers were exposed to slight damage. For one UL 
earthquake, the beams were exposed to extensive dam-
age, and for one UL earthquake, the beams were exposed 
to slight damage. Two cases of slight, one of moderate 
and one of extensive damage on the beams, are seen in 
seven UL earthquake. Tables 5 and 6 show the detailed 
performance of the bridge components in LL and UL 
earthquake conditions.

Table 5. Bridge performance for the 475-year return period earthquakes. 

  Sliding Bearing Pinned Bearing Beam Pier Brace 

1 Narman (1983) Collapse No Damage Extensive Collapse Slight 

2 BorregoMtn AELC (1968) No Damage No Damage No Damage No Damage No Damage 

3 Coyote Lake G03 (1979) No Damage No Damage No Damage No Damage Slight 

4 Northridge ORR (1994) No Damage No Damage No Damage No Damage Slight 

5 Kocaeli ARE ORR (1999) No Damage No Damage No Damage No Damage No Damage 

6 Kocaeli SKR (1999) No Damage No Damage No Damage No Damage Slight 

7 Van (2011) No Damage No Damage No Damage No Damage Slight 

Table 6. Bridge performance for the 2475-year return period earthquakes. 

  Sliding Bearing Pinned Bearing Beam Pier Brace 

1 Narman (1983) Slight No Damage Extensive Moderate Slight 

2 BorregoMtn AELC (1968) No Damage No Damage No Damage No Damage Slight 

3 Coyote Lake G03 (1979) Extensive No Damage Slight Moderate Slight 

4 Northridge ORR (1994) Moderate No Damage No Damage Moderate Slight 

5 Kocaeli ARE ORR (1999) No Damage No Damage No Damage No Damage Slight 

6 Kocaeli SKR (1999) Slight No Damage No Damage Slight Slight 

7 Van (2011) No Damage No Damage No Damage No Damage Slight 

Displacement under LL and UL earthquake for longi-
tudinal and transverse directions is calculated using 
nonlinear time history analysis. Under Narman earth-
quake conditions, extensive longitudinal deformation is 
calculated. The mean of LL earthquake longitudinal dis-
placement is 36.4 mm, and without the Narman earth-
quake, this value decreases to 7.96 mm. The mean value 
of the LL earthquake transverse direction is calculated as 
10.59 mm. The mean values of the UL earthquakes for 
Longitudinal and Transverse directions are 40.31 mm 
and 15.34 mm, respectively. These displacements are 
much smaller than the target displacement calculated 
using pushover analysis. Fig. 12 shows displacement and 

intensity measures calculated for LL and UL earthquake 
records.  

Figs. 13 and 14 show the plastic hinge location on the 
3D view of the bridge and middle pier hysteretic behav-
ior for LL and UL Narman earthquakes. In the figures, it 
has been determined that the plastic hinges are intensi-
fied at the soil fill boundary of the columns. Soil fill has a 
great effect on the seismic behavior of the bridge and de-
termines the plastic hinge location. Therefore, bridge 
performance has varied from the construction date to 
the present. Time history models solution diverge after 
extensive plastic deformation at beam elements for both 
LL and UL Narman earthquakes.  
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Fig. 12. Displacement and Intensity measure comparison: a) longitudinal direction; b) transverse direction. 

 
Fig. 13. 3D view of bridge and plastic hinge location for LL Narman earthquake. 

 
Fig. 14. 3D view of bridge and plastic hinge location for UL Narman earthquake.

7. Conclusions 

The finite-element model of the bridge constituted us-
ing site investigation and measurement: all the span 
length and section dimension measured on the bridge. 
Material properties of the bridge were determined to de-
pend on the construction date of the bridge using past 
studies in the literature. Modal properties of the bridge 
calculated using a finite-element model, and modal fre-
quency and modal participation mass ratios were deter-
mined. The first mod of the bridge was a longitudinal 
mod with 0. 49s frequency and represented 55% of the 
longitudinal mass. The transverse mode frequency was 
changing between 0.27 s to 0. 33 s and represent 82% of 
the transverse mass. Finally, the vertical mod frequency 
calculated as 0.09 s and represent 44% of the vertical 
mass. Moreover, four different truckloads were applied 
to the bridge, and maximum moment and vertical dis-
placements were calculated. Maximum moment and dis-
placement visualized under the H20-44 truckload as 
41.89 mm and -173.61 kNm, respectively. Vertical dis-
placement limits for the bridge are described as L/800 

in ASHTOO bridge design specification. Considering 
these specifications, the Mahmutcavuş Bridge does not 
satisfy vertical displacement limits for these four-track 
loads.   

Nonlinear static pushover analysis conducted consid-
ering both material nonlinearity and Δ-δ effects. Lateral 
load acted on the bridge until the top displacement of the 
middle bridge piers reaches 800 mm in the transverse 
direction, and plastic hinge formation visualized. The 
first plastic hinge formed at the brace member, then the 
next plastic hinge formation started to occur at the bot-
tom of the piers and at the top of the piers. The target 
displacements for the 2% and 10% possibility, for 50 
years period, calculated as 45.36 mm and 22.79 mm, re-
spectively. Finally, the pushover deform shape illus-
trated to easily calculate the top lateral displacement of 
all pears.  

Seven earthquake records were selected and scaled for 
475-year and 2475-year return period earthquake spec-
trum, which is illustrated by the Turkish Building Seis-
mic Code. Bridge first mod frequency values used to cal-
culate scaling frequency interval. Nonlinear time-history 

(a) (b) 
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analyses conducted using scaled earthquake records. 
Damage states for bridge components determined for 
bridge piers, beams, brace members, and bearing mem-
bers. For only one of the seven earthquake record col-
lapse damage visualized for sliding bearing and piers. 
Only one of the seven earthquakes records extensive 
damage visualized for the beam members for a scaled 
earthquake for the 475-year return period. For three of 
seven earthquakes, moderate damage was visualized for 
piers for scaled seven earthquake records for the 2475-
year return period. For LL earthquake, only one record 
does not satisfy bridge design specification requirement, 
and for UL earthquake all the record satisfies bridge de-
sign code requirement. 
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