Challenge [Journal of;

STRUCTURAL MECHANICS

Vol.4 No.4 (2018)

TULPAR

ISSN 2149-8024



CHALLENGE JOURNAL OF STRUCTURAL MECHANICS 4 (4) (2018) ISSN 2149-8024

EDITOR IN CHIEF

Prof. Dr. Umit UZMAN
Karadeniz Technical University, Turkey

ASSOCIATE EDITOR

Prof. Dr. Yi-Lung MO
University of Houston, United States

EDITORIAL ADVISORY BOARD

Prof. Dr. A. Ghani RAZAQPUR
McMaster University, Canada

Prof. Dr. Paulo B. LOURENCO
University of Minho, Portugal

Prof. Dr. Gilbert Rainer GILLICH
Eftimie Murgu University of Resita, Romania

Prof. Dr. Long-Yuan LI
University of Plymouth, United Kingdom

Prof. Dr. Zeljana NIKOLIC
University of Split, Croatia

Prof. Dr. S. Burhanettin ALTAN
Giresun University, Turkey

Prof. Dr. Togay OZBAKKALOGLU
University of Hertfordshire, United Kingdom

Assoc. Prof. Dr. Khaled MARAR
Eastern Mediterranean University, Cyprus

Assoc. Prof. Dr. Hong SHEN
Shanghai Jiao Tong University, China

Assoc. Prof. Dr. Nunziante VALOROSO
Parthenope University of Naples, Italy

Prof. Dr. Halil SEZEN
The Ohio State University, United States

Prof. Dr. Adem DOGANGUN
Uludag University, Turkey

Prof. Dr. M. Asghar BHATTI
University of lowa, United States

Prof. Dr. Reza KIANOUSH
Ryerson University, Canada

Prof. Dr. Y. Cengiz TOKLU
Okan University, Turkey

Prof. Dr. Habib UYSAL
Atatiirk University, Turkey

Assoc. Prof. Dr. Filiz PIROGLU
Istanbul Technical University, Turkey

Assoc. Prof. Dr. Bing QU
California Polytechnic State University, United States

Assoc. Prof. Dr. Naida ADEMOVIC

University of Sarajevo, Bosnia and Herzegovina

Assoc. Prof. Dr. Anna SAETTA
IUAV University of Venice, Italy


http://cjsmec.challengejournal.com/

CHALLENGE JOURNAL OF STRUCTURAL MECHANICS 4 (4) (2018)

ISSN 2149-8024

Assoc. Prof. Dr. Serdar CARBAS
Karamanoglu MehmetBey University, Turkey

Dr. Saverio SPADEA
University of Bath, United Kingdom

Dr. Chien-Kuo CHIU

National Taiwan University of
Science and Technology, Taiwan

Dr. Teng WU
University at Buffalo, United States

Dr. Pierfrancesco CACCIOLA
University of Brighton, United Kingdom

Dr. Marco CORRADI
Northumbria University, United Kingdom

Dr. Alberto Maria AVOSSA
Second University of Naples, Italy

Dr. Susanta GHOSH
Michigan Technological University, United States

Dr. Amin GHANNADIASL
University of Mohaghegh Ardabili, Iran

Dr. Burak Kaan CIRPICI
Erzurum Technical University, Turkey

Dr. Ziihal 0ZDEMIR
The University of Sheffield, United Kingdom

Dr. Fatih Mehmet OZKAL
Atatiirk University, Turkey

Dr. Syahril TAUFIK
Lambung Mangkurat University, Indonesia

Dr. J. Michael GRAYSON

The Citadel - The Military College of South Carolina,
United States

Dr. Fabio MAZZA
University of Calabria, Italy

Dr. Sandro CARBONARI
Marche Polytechnic University, Italy

Dr. José SANTOS
University of Madeira, Portugal

Dr. Taha IBRAHIM
Benha University, Egypt

Dr. Luca LANDI
University of Bologna, Italy

Dr. Mirko MAZZA
University of Calabria, Italy

E-mail: ¢jsmec@challengejournal.com

Web page: cjsmec.challengejournal.com

TULPAR Academic Publishing
www.tulparpublishing.com

2E
\
TULPAR

ACADEMIC PUBLISHING


mailto:cjsmec@challengejournal.com
file:///C:/Users/Fatih/AppData/Roaming/Microsoft/Word/cjsmec.challengejournal.com
http://www.tulparpublishing.com/
http://www.tulparpublishing.com

CHALLENGE JOURNAL OF STRUCTURAL MECHANICS 4 (4) (2018) ISSN 2149-8024

%% M/ZV@/@%

CONTENTS

Research Articles

An insight into design of prefabricated and prestressed concrete 126-136
monoblock railway ties for service loads

Niyazi Ozgiir Bezgin

Monitored structural behavior of a long span cable-stayed bridge under environmental effects 137-152
Alemdar Bayraktar, Ashraf Ashour, Halil Karadeniz, Altok Kursun, Arif Erdis

Necessary height of the vertical stiffeners in steel silos on discrete supports 153-158

Lyubomir A. Zdravkov

Earthquake performance of collapsed school building 159-175
under Van-Tabanli (Mw=7.2) earthquake

Cumhur Cosgun, Atakan Mangir

TULPAR

iii


http://cjsmec.challengejournal.com/
https://doi.org/10.20528/cjsmec.2018.04.001
https://doi.org/10.20528/cjsmec.2018.04.001
https://doi.org/10.20528/cjsmec.2018.04.002
https://doi.org/10.20528/cjsmec.2018.04.002
https://doi.org/10.20528/cjsmec.2018.04.003
https://doi.org/10.20528/cjsmec.2018.04.003
https://doi.org/10.20528/cjsmec.2018.04.004
https://doi.org/10.20528/cjsmec.2018.04.004
http://www.tulparpublishing.com

CHALLENGE JOURNAL OF STRUCTURAL MECHANICS 4 (4) (2018) 126-136

Research Article

An insight into design of prefabricated and prestressed concrete
monoblock railway ties for service loads

Niyazi Ozgiir Bezgin *

Department of Civil Engineering, Istanbul University-Cerrahpasa, 34320 Istanbul, Turkey

ABSTRACT

ARTICLE INFO

Ballasted railway track ties support the wheel forces of a train that are transferred onto
them by the rails, maintain the track gauge and provide lateral and longitudinal track
stability. Prestressed concrete ties provide the required track bearing to the applied
wheel loads and constitute a major part of the track self-weight. Design of prestressed
concrete ties involves an evaluation of their structural interaction with the ballast and
an understanding of prestressed concrete design for service loads and beyond-service
loads. This paper aims to provide an insight for the design of a prestressed concrete bal-
lasted railway tie under service loads and highlight the genuine qualities of tie design in
terms geotechnical engineering, materials engineering and structural engineering.
Through the analysis of a finite element model, this paper presents estimations for bend-
ing moment values under service conditions for a prestressed concrete high-speed rail-
way tie under varying track support conditions. The paper then compares the estimated
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values with those suggested by the relevant design guidelines for railway ties.

1. Introduction

Modern guided ways for trains provide service
through ballasted railway tracks, railway slab tracks,
monorails and more recently, the maglev tracks and the
hyperloop. The first three types of tracks rely on the ad-
hesion between track rail and train wheel for motion
whereas the maglev relies on the magnetic field between
the levitating electrified trains over the electrified track
exposed to open air. The hyperloop also relies on mag-
netic levitation where the guided motion takes placeina
vacuumed tube. However, maglev tracks are yet to
achieve design maturity and economic viability whereas
the hyperloop is in early stages of research and develop-
ment. Albeit their higher initial construction costs com-
pared to ballasted tracks, increasing uses of slab-track
railways through tunnels, over the bridges and along
railway routes with frequent high-speed railway service,
provide weight and structural gauge reduction and re-
duced maintenance costs (Lichtberger, 2011).

Ballasted railway tracks with monoblock concrete ties,
which are the highlight of this paper, currently provide an

economical and a reliable solution to most railway trans-
portation needs today. Fig. 1 that is modified by the au-
thor to show the sloping subballast layer for drainage,
shows a common cross-section of a single ballasted track
on a fill (Ebrahimi etal,, 2011). Ballasted railway track su-
perstructure consists of rails, elastomeric bearing pads un-
derneath the rails, attachment and bearing elements for
rails to ties, the ties that support the rails via bearing on
ballast layer, the ballast layer and subballast layer The
platform grade achieved by the fill or reached and pre-
pared by the cut constitutes the substructure or the sub-
grade under which lies the natural or existing ground.

The tie shown in Fig. 1 is a monoblock type of tie. The
elastomeric bearing pads between the rails and the con-
crete tie reduce the bearing stiffness of the steel rails on
the concrete tie and reduce the dynamic impact force on
the tie depending on their attenuation characteristics.
Ties interact with the supporting ballast layer through
bearing and bending under vertical loads and shear un-
der lateral loads.

The ballast and the sub-ballast layers consist of aggre-
gates that reduce the bearing pressures exerted by the tie
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to pressure values allowed on the subgrade. The sub-ballast
has the primary duties of providing drainage and filtering
for the ballast layer above and frost protection for the sub-
grade below in addition to their added benefit for reducing
bearing pressures on the subgrade (Navikas et al., 2016).

Contemporary railway tracks have performance re-
quirements with respect to service speeds and service
loads. International Union of Railways (UIC) recom-
mends track design values for member and affiliated
states. Table 1 presents the static design axle loads and
train speeds for modern railway tracks (UIC-713R,
2004).

This study concentrates on the evaluation of the de-
sign bending moments for the tie under ordinary service
load conditions. A finite element model developed for
the analysis of the tie under the pseudo-dynamic action
of the service loads provides an estimate for the required
design bending moments under service loads and the

Rail and fastenings

Sub-ballast

prestressing force required to maintain the stress values
at acceptable levels under the service load condition.
The study provides a comparison of the UIC service de-
sign recommendations with the estimates obtained from
the finite element analysis.

Table 1. Combined axle forces and train speeds.

Static axle force (kN)

Speed (km/h) 180 225 250
120 . . .
200 ¢ * None
300 ¢ None None
Sleeper
Ballast

Natural ground

Fig. 1. Cross-section of a single ballasted track on a fill (Modified from Ebrahimi et al., 2011).

2. Prestressed Concrete Ties

Following their introduction in 1950’s, many coun-
tries developed their unique geometric designs of pre-
fabricated high performance concrete ties. For instance
in Germany, concrete ties has unique notations such as
B58, B70, B90 and B07 where the letter B denotes the
word “beton” and the last two digits signifies the last two
digits of their year of introduction (Kerr, 2003). A pre-
stressed monoblock tie shown in Fig. 2 has a length of
2600 mm and an approximate mass of 290 kg. C60 grade
concrete and an initial prestressing load of 350 kN under
very low design humidity conditions that result in 30%
prestress losses, provide the sufficient strength and stiff-
ness for the stresses that occur under a design axle force
of 225 kN and a design speed of 250 km /hour.

Fig. 2. Perspective view of a prestressed monoblock tie.

Along with bending moment strengths of the tie at the
rail seat section and the central section, the ties must
have sufficient mass to provide lateral track stability
against track buckling and lateral axle loads at curva-
tures. The tie mass is approximately 2.5 times higher
than a creosote infused pinewood tie. The self-weight of
the track and the embedment within the ballast layer
provides lateral resistance against buckling and lateral
forces. A heavier track provides a more stable guide-way
for high-speed travel and improves the lateral resistance
against track buckling (Kish and Samawedam, 1991).

3. Estimation of Design Moment Values through
Finite Element Analysis

Analysis and design of a prestressed concrete tie un-
der vertical wheel forces requires a soil-structure inter-
action analysis of an axially prestressed non-prismatic
concrete element bearing on a ballast layer under the
vertical axle loads of a railway vehicle. The first step in
the tie analysis is the determination of the distribution of
the wheel forces on the ties by the rails followed by an
analysis of the bearing stress distribution along the tie
base that influence the magnitude and the variation of
the bending moments along the tie. Design of the ties
must also take into account environmental issues such
as seasonal ambient relative humidity values as they
heavily influence the effective prestressing force values
that remain in the tie in time (Bezgin, 2015). The follow-
ing sections highlight these issues in detail.
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4. Wheel Load Transfer

Rails transfer the vertical forces from the wheels to
the ties. Fig. 3 shows a profile sketch of a ballasted rail-
way on a fill. The wheel positioned on the rail right above
a tie does not transfer its full vertical load on the tie di-
rectly below but transfers parts of the vertical load to the
ties neighbouring the centre tie through the bending
stiffness of the rail with respect to the compressive stiff-
ness of the supporting ballasted track.

Rail

T T o Tl e o ok o e o e ol o i o o )
% : :_l..l. u E'n:'!:fn..n..n..n..l\..l\..l\..:.\,l\.\,l\.\{l.

P Ballast:

o
e T
'.'-\.--.-.-.

.'.--.--.--.--.--.--.--.--.--.--.--.--.--.--.--.--.--.--.--.'-.'-.'-.'- -.--.--.--.'-.'-.'-.'-.'-.'--'--'--'I:'-l

Subballast

Fill

Fig. 3. Profile of a ballasted railway superstructure
and substructure on a fill.

For a given combined stiffness of ballast, sub-ballast
and subgrade, the transferred amounts of vertical wheel
load relates to the bending stiffness (K) of the rail, which
directly relates to the bending rigidity of the rail (E7) and

122 5 kN
Rail

inversely relates to the centerline spacing of the ties (L).
An increase in the value of L for a given rail rigidity low-
ers the bending stiffness of the rail, which results in a
lower amount of load transfer to neighbouring ties. For
a given L and E value, the reduced moment of inertia of a
shallower rail also lowers its bending stiffness.

A UIC-60 type rail is 172 mm deep and 150 mm wide
at its base. It has a cross-sectional area of 76.7 cm2, mo-
ment of inertia of 3038.3 cm* and a mass of 60.2 kg/m
(EN 13674, 2002). Existing research indicates that for a
UIC-60 type rail supported by ties positioned at 60 cm
center-to-center, the wheel loads transfer such that the
center-tie that is immediately under the acting wheel re-
ceives 50% of the wheel load and the left and right ties
neighboring the center tie receive 25% of the wheel
loads respectively. Figure 4 shows a two-dimensional
linear-elastic model of a UIC-60 rail supported by ties
spaced at 60 cm center to center spacing. The static
wheel force acting on the rail is 122.5 kN or 12.5 Ton-f,
representing the wheel force of a freight train. The coef-
ficient of subgrade reaction (C) for the ballast supporting
the ties is 0.3 N/mm3 representing a newly laid and
tamped typical ballasted track.

Fig. 5 shows the developed reactions under the ties in
units of kg-f. The tie immediately under the acting wheel
load provides a reacting force of 58 kN, which is approx-
imately 48% of the acting wheel force and the neigh-
bouring ties provide about 31 kN reactive force each,
which are 26% of the acting wheel force. Therefore, the
results of the static analysis of the linear-elastic model
presented in Fig. 4 shows that with the given configura-
tion, an estimation of 50% of the wheel load for the heav-
iest loading on the tie is acceptable.

il .
- L

60 cm

Sleeper

-« =
30 cm

Fig. 4. Two-dimensional load distribution model (ballast support not shown).
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Fig. 5. Reaction distributions under the ties.

One can deduct from the above analysis that wheel
load transfer varies by varying tie spacing and/or the
section properties of the rail. Theoretically, if the rail
had zero bending stiffness, that is to say if the rail was
infinitely flexible, the acting wheel load on the rail
would completely act onto the tie immediately below.

At the other theoretical extreme, if the rail was infi-
nitely stiff compared to the combined stiffness of the
track elements below, all three ties in this model would
settle the same amount under the acting wheel load and
thus each would share one third of the acting wheel
load.
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5. Bearing Stress and Bending Moment Distribution
along the Tie

Upon estimating the transferred maximum value of
the wheel load acting on a tie, one needs to investigate
the distribution of bearing pressures under the tie and
bending moment values along the length of the tie under
different bearing conditions. The coefficient of subgrade
reaction (C) of a supporting granular medium is a funda-
mental parameter that influences the amount of settle-
ment in the medium, which occurs under an acting pres-
sure. This coefficient is also an indicator of the compres-
sive stiffness of the granular medium. Based on exten-
sive test data on existing tracks, a properly tamped and
stabilized ballast layer of a new track can provide a C
value as high as 0.3 N/mm3 (MPa/mm) (Lichtberger,
2005; Ebrahimi et al.,, 2015). A weakened ballast layer
due to infiltration of thin granular materials, known as
fouled ballast can be as low as 0.02 N/mm3 (MPa/mm)
(Ebrahimi etal.,, 2015). Distribution of bearing pressures
and bending moments relates to the compressive stiff-
ness of the ballast layer, the bending stiffness of the pre-
stressed concrete tie and their relative value.

Fig. 6 shows the perspective and top views of finite ele-
ment model of the tie thatis 260 cm long. The width of the
tie at its base varies from 30 cm at the ends to 22 cm at the
tie centre. The depth of the tie varies from 21.5 cm at the
rail seat to 17.5 cm at the tie centre. The meshing includes
45 layers along the length of the tie, 5 layers along the
width of the tie and 10 layers along the depth of the tie that
amounts to a finite element model with 2250 elements.
The model generated by SAP2000® is a linear-elastic
model. The tie rests on a ballasted track represented by lin-
ear-elastic vertical springs. The bottom view of the tie
shows the linear-elastic springs attached to the base nodes
of the tie. The solid elements that generate the model are
8-node solid elements. The number of layers along the
depth of the tie is selected to prevent the occurrence of the
phenomenon known as shear-locking observed in finite el-
ement models built with 8-node solid elements.

Design modulus of elasticity (E) for the tie is E=38,000
MPa for a minimum C60 grade concrete produced with
hard limestone aggregate. The high strength is necessary
in order to provide sufficient early strength for prestress-

ing transfer into the tie. The method of introducing pre-
stressing forces into the tie is using end-bearing plates
attached to the prestressing wires by cold-formed but-
toning of the wires to the plates. It is important to note
that the concrete elastic modulus is very important in
prestressed concrete design and varies with the type of
aggregate for a given class of concrete. The cross-sec-
tional area along the tie length is variable and the cross
section area at the rail seat is A1 =555 cm? and the cross
section area at the tie centre is A2 = 333 cm2 Moment of
inertia of the tie cross section area is variable along the
tie axis of symmetry and varies from I = 15,724 cm* at
the rail seat to I = 8,465 cm* the tie centre.

Multiple counts of finite element analysis of this tie un-
der 225 kN static axle force distributed by 50% on to the tie
by the rails took place over supporting ballast layers with
varying coefficient of subgrade reaction values of C = 0.02,
0.05, 0.1, 0.2, 0.3 and 0.4 MPa/mm. The lower bound of
these values represents highly fouled ballast bed and the
upper bound selected by the author to represent a new bal-
last bed of granite aggregates with full aggregate interlock.
The multiple analyses under the wheel forces transferred
by the rails yielded bearing pressure values and bending
moment values along the 260 cm length of the tie deter-
mined at 26 data points. Figs. 7 and 8 present the respective
analyses results for C = 0.02, 0.1, 0.2 and 0.4 MPa/mm.

Fig. 6. Perspective views and
plan of finite element model of the tie.
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Data analysis points along the 260 cm tie length
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Fig. 7. Pressure variations under ties on ballast layers with varying C values.
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Fig. 8. Bending moments along ties bearing on ballast layers with varying C values.

For a given type of tie, variation of the compressive
stiffness of the ballast layer for different coefficient of
subgrade reaction values influences the distribution of
the ballast bearing pressure and bending moment along
the tie. For a given tie bending stiffness, as the compres-
sive stiffness of the supporting layer increases the rela-
tive stiffness of the tie with respect to the supporting
layer decreases. Therefore, the bearing pressure distri-
bution along the bottom of the tie concentrates and in-
creases along the regions thatare under the rails and de-
creases at the center of the tie. One can think of a theo-
retical case where the bending stiffness of the tie is neg-
ligible and the tie rests on an infinitely rigid ballast layer.
Under such conditions, the reactive forces to the acting
rail forces on the tie will concentrate right under the
rails. However, as the compressive stiffness of the ballast
decrease and the relative stiffness ratio of the tie with re-
spect to the ballast increase, the bearing pressures does
not concentrate under the rails and increase in the cen-
ter of the tie and tend to distribute more evenly along the
tie. Figs. 7 and 8 clearly show this behavioral tendency
for ties under a fixed value of distributed wheel forces
supported by ballast layers with varying stiffness values.
When the coefficient of subgrade reaction changes from
C=0.4 MPa/mm to C=0.02 MPa/mm, the maximum bear-
ing pressure at the middle of the tie increases roughly
13% and maximum bearing pressure at the rail seat re-
gions decrease roughly 4.5%.

Variation of the bending moment also changes with
the bearing stress distribution. For the mentioned
change of the coefficient of subgrade reaction, the bend-
ing moment at the tie center increases roughly 38%
whereas the rail seat moments decreases 2%. The ef-
fects of the variation of bearing stress values at the tie
centre and the rail seats on the bending moment values
at the respective locations are not the same due to vary-
ing moment of inertia values of the tie cross section area
between the rail seat and the tie centre. Fig. 9 shows the
variation of the highest rail seat (M:*) and tie center (M)

bending moment values along the tie with increasing
values of coefficient of subgrade reaction from typical
low levels to high levels encountered in practice. With
increasing ballast layer stiffness, the tie center moment
values reduce profoundly and and the rail seat bending
moment values increase slightly.

Previous analytical findings show that for a given tie
material and geometry, tie response relates to the stiff-
ness of the supporting granular medium. Determination
of stresses due to tie bending under axle loads requires a
definition of the support conditions. Table 2 summarizes
the findings presented in Fig. 9 and shows the sensitivity
of the bending moments at the rail seat and the tie center
to coefficient of subgrade reaction of the track. The nor-
malized values are with respective to €=0.02 KN/mm3
and the related moment values.

One can see with these results that thereis a practical limit
to track stiffness. Decreased C values increase the bending
moment values at the tie centre profoundly and they have a
negligible effect on the bending moment values at the rail
seat. However, increasing the C values beyond €=0.3
kN/mm3 does not produce a substantial benefit with respect
to the reduction of bending moments at the tie centre.

Within the analysis range for varying coefficient of
subgrade values, the underlined highest tie centre mo-
ment in Table 2 is Mcmax=6.11 kN-m which occurs for
the low value of €=0.02 MPa/mm. The underlined
highest rail seat moment is Mr*max =8.44 kN-m which
occurs for the high value of €=0.4 MPa/mm. Tie design
must account for possible variations in the ballast
support conditions and must therefore consider the
maximum bending moment values that may occur as a
result of these variations. The presented analysis results
based on the moment envelope indicates a ratio of
maximum moments Mr*max / Mcmax ~ 1.38 for the tie.

The next section introduces a stress analysis of a tie
through a finite element model. The ballast support condi-
tions for the tie is C=0.3 MPa/mm, which is a representa-
tive value of a newly constructed and consolidated track.
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Fig. 9. Variation of maximum rail seat (M;*) and tie centre (M) moment values with C.

Table 2. Tabulation of bending moment values with respect to varying coefficient of subgrade reaction values.

C (kN/mm3) M (kN-m) M;* (kN-m) Chormalized M normalized M;*normalized
0.02 -6.11 +8.20 1.0 1.000 1.000
0.05 -5.79 +8.28 2.5 0.948 1.010

0.1 -5.41 +8.36 5.0 0.885 1.020
0.2 -4.93 +8.42 10.0 0.807 1.027
0.3 -4.63 +8.43 15.0 0.758 1.028
0.4 -4.42 +8.44 20.0 0.723 1.029

6. Stress Analysis of the Tie through a Finite
Element Model with respect to Design Conditions

Tie design requires the determination of the location
of the prestressing wires in the tie and the value of the
prestressing force. The static design axle force on the tie
supported over a newly consolidated stiff ballast layer
with a design coefficient of subgrade reaction value of
€=0.3MPa/mm is Qos=225 kN.

The static value of the axle force increases due to mo-
tion of the train and the unavoidable vertical irregulari-
ties along the track caused by the variations in track pro-
file and/or track stiffness. Numerous procedures esti-
mate the possible dynamic impact forces of the moving
train wheels on the track and the supporting ties
(AREMA, 2006; Bezgin, 2017, 2018). These procedures
approach the problem through the interaction of the
wheels of a speeding train with the irregularities of the
track due to settlements and stiffness variations along
the track and with the stiffness and damping properties
of the wheel and bogie configuration of the train. All of
these procedures may assist the designer to estimate the
dynamic axle loads of a moving train on the track. Upon
a thorough consideration of the existing approaches, the

designer of the presented tie elected to use a conserva-
tive dynamic load estimation procedure based on train
speed and wheel diameter, which yielded the highest dy-
namic load estimate. The design speed (v) and wheel di-
ameter (D) of the train is 250 km/h and 920 mm respec-
tively. Eq. (1) empirically presents the dynamic axle load
coefficient (@) based on the estimation by the American
Railway and Maintenance Right of Way (AREMA).

v 250
p=(1+5212) = (1+5212%) = 24. &)
Eg. (2) presents the design service dynamic axle force
on the rail supported by the tie:
Qoa=Qos- @ =225-2.4=540kN. (2)
The distributed value of the axle force on the support-
ing tie is 270 kN, based on a distribution factor of 50%
confirmed earlier. Depending on its characteristics, the
elastomeric bearing pad between the rail and the tie re-
duces the transferred dynamic wheel load by the rail onto

the tie. The elastomeric bearing pad is an important com-
ponent of railway superstructure and thus an important
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analytical parameter on its own, and therefore the fol-
lowing finite element model excludes the bearing pad to
remove a parameter that affects the analysis.

The fundamental design requirement for the tie be-
haviour under design service loads is to remain un-
cracked under bending. The finite element model gener-
ated by the solid elements and analyzed by the elastic
un-cracked analytic capability of the SAP 2000® program

Compression

determined the bending stresses for the tie under service
load conditions. The tensile bending stresses formed the
basis for the introduction of the prestressing forces and
determination of the prestressing force value. Under the
combined action of the 270 kN axle force on the rails, dis-
tributed to the tie, tensile stresses occur along the tie
bottom underneath the rails and the tie top face at the tie
centre. Fig. 10 highlights the tensile bending stresses.

Compression

Tension
TS 23 3 a8 45

Compression

54 62 B3 r 85 S

Fig. 10. Tensile and compressive stresses within the tie under 122.5 kN axle force.

Flexural tensile stress values vary from 5 MPa at the
top surface of the tie middle to approximately 7 MPa at
the tie bottoms under the rail seats, which would crack
the C60 grade concrete with a characteristic flexural ten-
sile strength value of 4.3 MPa. Therefore, the prevention
or the limitation of these bending stresses is the reason
for introducing prestressing forces into the tie.

Fig. 11 conceptually presents the application of the in-
itial prestressing force (P;) longitudinally into the tie
through the center of the force and the longitudinal tie
contraction. The tie contracts approximately 0.5 mm un-
der the 350 kN initial prestressing force generating com-
pressive longitudinal stresses along the length of the tie.

The compressive stresses vary up to 10 MPa at the tie
center, 7 MPa at the rails seats and 12 MPa to 33 MPa at
the tie ends. In the particular case, bearing plates an-
chored into the tie ends introduces the 350 kN prestress-
ing force into the tie generating a bearing stress of ap-
proximately 33 MPa. The design and selection process
for the anchor plates is the subject of another study. Fig.
12 presents the cross section view of the tie section at
the tie ends where the end-bearing plates introduce the
prestressing forces into the tie by the BBRV system
(plates not shown). BBRV stand for the initials of the last
names of the developers “Brandestini, Birkenmaier, Ros
and Vogt” who developed the system in the early 1960’s.

B2 >

215

280

A

Fig. 12. Placement of prestressing wires within the ties.

Under service conditions, the joint action of the hori-
zontal prestressing forces and vertical forces on the tie,
induces bending around the lateral axis and compres-
sion along the longitudinal axis of the tie. Fig. 13 shows
the resultant longitudinal compressive stresses due to
bending and axial compression.

The joint action of 350 kN prestressing force and 270
kN vertical axle force induces longitudinal compressive
stresses along the tie length varying up to 20 MPa. Fig.
13 shows that the 350 kN prestressing force diminishes
the tensile longitudinal stresses.
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Fig. 13. Compressive stress distributions along tie due to axle and prestressing loads.

High strength prestressing strands with characteris-
tic tensile strength fpx = 1860 MPa with 0.1% proof stress
of fpo.1k = 1290 MPa and 1% elongation stress of fy1.0x=
1440 MPa support the design prestressing force of P; =
350 kN. The allowable tensile prestressing stress is the
smaller of 0.9fp0.1k=1160 MPa or 0.8fy1.0c= 1152 MPa. Eq.
(3) shows the total prestressing area requirement.

P
A = 70-8fp1.0k =303 mm?. (3)

A steel strand with 7-mm diameter has an area of As=
38.4 mm?2 Eq. (4) shows the total number of strands
needed to provide an initial prestressing force of P; =350
kN to the tie.

n=28=-38_79_3g. (4)

As 384

However, the introduced value of the initial prestress-
ing into the tie does not remain constant but decrease in
time due to elastic shortening of the tie with the pre-
stressing, shrinkage and creep effects of concrete and the
stress relaxation of the prestressing steel. Therefore, the
designer must take into account the effective prestress-
ing force that remains in the tie and gauge the occur-
rence of longitudinal tensile stresses in time. This partic-
ular design considered the performance of the tie under
extreme dry conditions with a predicted prestress loss of
30% (Bezgin, 2015). The estimation of the prestress loss
is the subject of another study.

7. Specification of Design Bending Moment Values
for Ties under Service Conditions

The study presented up to this point summarizes the
depth and extent of interactions of multiple parameters
that are effective in the design of a railway tie under the
action of service-level axle forces. The designer can re-
flect his or her understanding of the design require-
ments on the design of the tie in many ways with differ-
ing levels and depths of expertize. Understanding and es-
timation of the ballast support magnitudes and distribu-
tions, time dependent losses, axle forces and dynamic
force estimations are dependent on the designer and dif-
ferent designs are possible for a given train speed and
axle force.

However, a railway network consists of many individ-
ual routes. In today’s world, transportation is a global
matter extending beyond national borders. Therefore,
differing designs between routes based on individual es-
timations of design parameters may generate railway
lines with varying structural characteristics. These
structural variations may limit service rate and service

speed within or across networks and may generate diffi-
culties in planning a track maintenance schedule. Such
being the case, in order to provide a seamless integration
of networks to the best extent possible, a cooperative ap-
proach among nations resulted with the formation of a
Union of International Railways (UIC) with the aim of
providing a common understanding of a design basis of
railway tracks. Therefore, a unified methodology to de-
termine tie design values is useful. The following subsec-
tions introduce the UIC-713R approach to estimate the
tie design values for service level.

8. Service Load Design Values for the Ties

The design speed for the tie studies in this paper is
250 km/hour and its design static axle force is 225 kN.
These values are typical in many countries in Europe,
Turkey and the Middle East. Minimum ballast depth of
the ballasted track is 350 mm and sub-ballast depth is
200 mm. Tie spacing with respect to their centers is 60
cm. Design track includes UIC-60 type rails with 60 kg/m
mass and 172 mm depth. Tie service life is 40-years. The
subsequent sections will present the dynamic axle loads
and the related design moment values based on the UIC-
713R suggestions.

8.1. Design axle force

Design moment values constitute the basis for tie de-
sign. The first set of design moment values are the ones
that occur under ordinary service conditions. Service
conditions relates to estimated rail support and track
conditions. Eq. (5) relates the dynamic wheel load to
static wheel load amplified by factors that reflect train
speed and track conditions.

Q
Py =21+ 9p9v)-9a-9r i - (5)

In the equation above, Qo = Static axle force, g, = Im-
pact attenuation factor by the bearing pad, gv = Speed
factor, ga = Load distribution factor, g- =Tie reaction var-
iation factor due to support faults, gi =Tie bottom irreg-
ularity factor. Impact attenuation factor relates to the
characteristics of the elastomeric pads situated between
the rails and the tie that reduce the impact of the rail onto
the tie. Elasticity modulus of C60 grade high strength
concrete used in this study is up to 6 times higher than
the elasticity modulus of pinewood ties. Unlike the tran-
sition between a steel rail and wooden tie, the transition
between a steel rail and high performance concrete tie is
much stiffer due to higher stiffness of the concrete.
Therefore, elastomeric pads reduce the magnitude of the
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dynamic loads transferred from the steel rail to the con-
crete tie. Load distribution factor relates to the spacing
of the ties and the attached rail bending rigidity and de-
termines the percentage of the wheel force resisted by
the tie underneath the wheel. Tie irregularity factor re-
flects possible production irregularities at the tie bottom
that may amplify the applied loads.

The design values are: Qo = 225 kN, g = 1.0 for low
attenuation, 0.89 for medium attenuation and 0.78 for
high attenuation, gv=0.75, ga= 0.5, gr =1.35, gi= 1.6. Egs.
(6) and (7) show the service level dynamic design wheel
forces on ties supporting rails with medium impact at-
tenuation and low impact attenuation elastomeric rail
support pads, respectively.

Pycmeaium = (1+0.75-0.89 ) - 0.5 - 135 - 1.6 = 203 kN,(6)

Pytow = %(1 +0.75-1.0)-05-1.35-1.6 =213 kN. (7)

The dynamic estimate of the wheel force is 80% higher
than the static wheel force for medium attenuated wheel
forces and 90% higher for un-attenuated wheel forces.
The particular design in this study included medium-

Pd
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attenuated bearing pad, the following section includes
their force reducing effects.

8.2. Design moment values for service loads

Design dynamic service moment value relates to the
dynamic wheel design forces determined in the previous
section and the estimated support condition. Fig. 14
shows a proposed support condition that ignores the
bearing pressure along the tie central region and consid-
ers the ballast bearing pressure underneath the rail seat
uniformly distributing along to both sides of the rail seat.
This reflects a reasonable consideration where most of
the ballast support concentrates underneath the rail
seats for a newly tamped track.

Fig. 15 shows half of the free body diagram of the rail
seat region of the tie, hypothetically detached from its
bearing pressure free central part. L, is the distance be-
tween the rail seat central line and the tie end. Distance
“e” considers the concrete confinement effect under-
neath the rail, thereby reducing the effective moment
arm (L.) with respect to the rail seatas, Le= L, - e. For a
B70 type tie, L, =55 cm and for a UIC Type 60 rail bearing
on the tie, e = 18 cm.
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Fig. 14. Assumed ballast bearing pressure distribution underneath the tie (UIC-713R, 2004).
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Fig. 15. Assumed ballast bearing pressure distribution
underneath the tie (UIC-713R, 2004).

Eg. (8) relates the positive rail seat design bending
moment under ordinary service conditions to the result-
ant ballast bearing force.

Ly—e
M;r: Pd(p4

) =203 - (@) =18.75kNm. (8)

Based on the tie deformation shown in Fig. 3, the neg-
ative design bending moment at the tie center relates to
the positive rail seat design bending moment and the ra-
tio of the moment of inertia values of the tie central cross
section and the rail seat cross section of the tie through

Eqg. (9).

- I
Mg~ 1,2.M3, C/[r : (9)

I. and I are the moment of inertial values of the tie
cross section at the tie center and at rail seats. Fig. 16
shows the longitudinal perspective of the 2600 mm long
tie with its cross section dimensions at the rail seats and
the middle of the tie.

The moment of inertia values of the tie at cross
section A and B are I, = 15,724 cm#* and I. = 8,465 cm*
respectively. The ratio of the moment of respective
moment of inertia values is 0.54 and the tie center
negative design bending moment is determined in Eq.
(10).

Mgz, = 1.2-18.75-0.54 = 12.25kNm. (10)
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The positive sign for the moment at the rail seat signifies
that the tie bottom at the rail seat is under tension. The
negative sign for the moment at tie centre signifies that the
tie bottom at the middle part of the tie is under compression.

An interesting finding through the estimated service
values of maximum design bending moment service
values is that the ratio of maximum design moments
based on the UIC guidelines is Ma*max / Macmax ~ 1.53,

Section A

which is quite comparable to the ratio of maximum
moments found earlier with the finite element analysis
as My*max / Mcmax ~ 1.38 . In other words, although
UIC basis its tie design on a newly tamped track, it also
accounts for the moment envelope bound by the possible
variation of the ballast support stiffness and increased
bending moments at the tie centre due to weakened
ballast support.

Section B

Fig. 16. Longitudinal profile and cross-section dimensions of the tie in mm.

One other useful finding is the comparison of the
design service moment values found according to the
UIC-713R with respect to findings based on an
individually executed finite element analysis earlier and
presented in Table 2. Unlike the UIC approach, the finite
element approach in did not include the dynamic factor
attenuation factor to account for the elastomeric bearing
pads. In other words, the maximum design bending
values included only the static value of the wheel forces.
Therefore, in order to compare the results estimated by
the two approaches, one must determine the static
values of the Mar* and Mac- suggested by the UIC method.

Table 3 summarizes and compares the maximum
static rail seat and tie centre design service moment
values based on the two approaches. The static estimates
of the two approaches for the rail seat and tie centre
moment values are similar. The FEM estimates for the
rail seat moment and the tie centre moments are
respectively 85% and 95% of the UIC estimates. The
lower aggrement for the rail seat moments is due to the
fact that the finite element method approach considers a
variable soil bearing pressure underneath the tie along
rail seat whereas the UIC method assumes a constant
bearing pressure at its maximum value.

Table 3. Comparison of static design service bending moment values of UIC and the FEM.

UIC-713R estimates

FEM estimates

% ratio of

Dynamic design Load Static design Static design FEM/UIC
moment factor moment moment estimates
(kN-m) (kN-m) (kN-m)
Tie rail seat moment Mar* 18.75 1.90 9.87 8.44 85%
Tie centre moment Mac 12.25 1.90 6.45 6.11 95%
Moment ratio Mar*/Mac 1.53 - 1.53 1.38 90%

9. Conclusions

This paper presented an insight into the service load
design of prestressed concrete high-speed railway ties.
The first part presented the distribution of wheel loads
to the ties and the variation of bending moments along a
tie supported on ballast layers with different coefficient
of subgrade reaction values. Determination of the re-
quired prestressing force for a tie under certain wheel
loads and support conditions commenced. The study

then compared the analytically estimated design mo-

ment values for the service load conditions to the values

suggested by the UIC. The following list summarizes the
numeric findings and recommendations resulting from
this study.

e The maximum percentage of the wheel load trans-
ferred to a ties spaced at 60 cm center-to-center
through a supporting a UIC-60 type rail is 48%, which
confirms the existing recommendation of maximum
wheel load transfer percentage of 50%.
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o The sensitivity of the design moment value of the tie
centre to ballast support conditions is higher than the
rail seat due to a distinct variation of the ballast sup-
portbearing pressure distribution along the tie centre
with varying coefficient of subgrade reaction.

e Tie centre moment linearly varies approximately by
0.22 kKN-m and rail seat moment varies approximately
by 0.03 kN-m per 0.05 N/mm?3 change in coefficient of
subgrade reaction up to a value of 0.2 N/mma3.

o The sensitivity of bending moment variations along
the tie diminish above coefficient of subgrade reac-
tion values above 0.2 N/mm3.

e Bending analysis conducted on ties supported on bal-
last layers with coefficient of subgrade reaction val-
ues varying from (=0.02 MPa/mm and (=0.4
MPa/mm yielded ballast bearing pressure variations
of 13% and 4% for the tie centre and tie rail seat re-
spectively.

¢ The resultant bending moment variations for the tie
centre and tie rail seat was 38% and 2% respectively.

e An overly stiff track bedding producing a coefficient
of subgrade reaction beyond €=0.3 kN/mm?3 is unnec-
essary since the effect of higher C values on the gener-
ated moments diminish beyond this value.

e An overly stiff track bedding producing a coefficient
of subgrade reaction beyond €=0.3 kN/mm?3 is unnec-
essary since the effect of higher C values on the gener-
ated moments diminish beyond this value.

e The ratio between maximum tie rail seat and tie cen-
tre moments based on the finite element analysis is
approximately 1.38, which is close to and slightly less
conservative than the UIC evaluation of 1.53.

e UIC design moment recommendations for the rail seat
and tie centre is respectively 18% and 6% higher than
the values obtained by the FEM, indicating estima-
tions that are reasonably more conservative.
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ABSTRACT

ARTICLE INFO

An accurate numerical analysis of the behavior of long-span cable-stayed bridges un-
der environmental effects is a challenge because of complex, uncertain and varying
environmental meteorology. This study aims to investigate in-situ experimental
structural behavior of long-span steel cable-stayed bridges under environmental ef-
fects such as air temperature and wind using the monitoring data. Nissibi cable-
stayed bridge with total length of 610m constructed in the city of Adiyaman, Turkey,
in 2015 is chosen for this purpose. Structural behaviors of the main structural ele-
ments including deck, towers (pylons) and cables of the selected long span cable-
stayed bridge under environmental effects such as air temperature and wind are in-
vestigated by using daily monitoring data. The daily variations of cable forces, cable
accelerations, pylon accelerations and deck accelerations with air temperature and
wind speed are compared using the hottest summer (July 31, 2015) and the coldest
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winter (January 1, 2016) days data.

1. Introduction

The number of constructed long span cable-stayed
bridges has increased over the last few decades in the
World. These bridges have a complicated structural sys-
tem because their main structural elements including
decks, towers (pylons) and main cables have different
structural characteristics. The cable-stayed bridges inev-
itably suffer from traffic loads and even natural disas-
ters, such as earthquakes and typhoons. In addition to,
the cable-stayed bridges are subject to daily, seasonally,
and annually varying environmental effects such as air
temperature, humidity, wind etc. It has been seen that
structural behavior of bridges is more significantly af-
fected by environmental thermal effects than by external
operational loads (Zhou et al., 2016). Therefore, the im-
portance of the bridge structural monitoring is high-
lighted during their service life. Because, structural mon-
itoring systems installed on cable-stayed bridges have

the potential to generate large data repositories from
which a deeper understanding of bridge behavior can be
obtained under environmental effects.

Structural health monitoring of bridges using envi-
ronmental-induced responses has received increasing
attention from researchers. Sohn et al. (1999) prepared
an experimental study of temperature effect on modal
parameters of the Alamosa Canyon Bridge. They indi-
cated that a linear four-input filter to temperature can
reproduce the natural variability of the frequencies with
respect to time of day. Peeters and De Roeck (2001) im-
plemented one-year monitoring of the Z24 Bridge. Tong
etal. (2001) and (2002) investigated temperature distri-
bution and extreme thermal loading and the design tem-
perature profiles for various types of steel bridge deck
with different thickness of bituminous surfacing devel-
oped. Fujino and Yoshida (2002) investigated wind-in-
duced vibration and control of Trans-Tokyo Bay Cross-
ing Bridge. It was shown that the results from the field
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and from the wind tunnel tests are fairly consistent re-
garding the amplitudes and wind speed range of the vor-
tex-induced vibration in the first vertical vibrational
mode of the bridge. Lucas et al. (2003) determined the
thermal actions on a steel box girder bridge. Mondal and
DeWolf (2007) developed a computer-based system for
the temperature monitoring of a post-tensioned seg-
mental concrete box-girder bridge. Li and DeWolf
(2007) investigated the effect of temperature on modal
variability of a curved concrete bridge under ambient
loads. The results of the study showed that the variabil-
ity of measured modal parameters due to temperature
should be well understood and quantified prior to the es-
tablishment of a baseline for use in damage assessment
algorithms. Catbas et al. (2008) implemented structural
health monitoring and reliability estimation of a long
span truss bridge under environmental data. It was seen
that the responses due to temperature have a significant
effect on the overall system reliability of long span truss
bridges. Xu et al. (2010) monitored temperature effect
on a long suspension bridge. The statistical relationship
between the effective temperature and the displacement
of the bridge was developed by the authors. Kim and
Laman (2010) determined integral abutment bridge re-
sponse under thermal loading. The study revealed that
the thermal expansion coefficient, bridge length and pile
soil stiffness significantly influence the integral abut-
ment bridge response. Li et al. (2010) identified modal
behavior of bridges under varying temperature and
wind effects. Xia et al. (2011) determined variation of
structural vibration characteristics versus non-uniform
temperature distribution. Cao et al. (2011) investigated
temperature effects on a cable-stayed bridge using
health monitoring data. They expressed that tempera-
ture gradient in the steel girder was larger than the de-
sign specification. Ding et al. (2012) and Ding and Wang
(2013) estimated extreme temperature differences and
analyzed thermal field characteristic of steel box girders
based on long-term measurement data. It was shown
that horizontal temperature differences in top plate and
vertical temperature differences between top plate and
bottom plate are considerable. Li et al. (2014) investi-
gated field monitoring and validation of vortex-induced
vibrations of a long-span suspension bridge. It was found
that the inhomogeneity of the wind field along the span-
wise direction of the bridge is also a critical factor that
affects vortex-induced vibrations of full-scale bridge.
Faravelli et al. (2014) investigated the temperature ef-
fects on the response of the bridge “OBB Briicke
Grofdhaslau”. de Battista et al. (2015) measured and
modelled the thermal performance of the Tamar suspen-
sion bridge using a wireless sensor data. Westgate
(2012) and Westgate et al. (2015) investigated environ-
mental and solar radiation effects on suspension bridge
performance. They demonstrated that peak tempera-
tures of the suspended structure and cables occur at dif-
ferent times. Yarnold and Moon (2015) determined tem-
perature-based structural health monitoring baseline
for long-span bridges. Zhou et al. (2013), (2014) and
(2015) investigated thermal load effects on the bridges.
The transversal and vertical thermal gradients were de-
veloped by the authors. Zhou et al. (2016) performed

temperature analysis of a long-span suspension bridge
based on field monitoring data. Zhang et al. (2017) per-
formed long-term modal analysis of wireless structural
monitoring data from a suspension bridge under varying
environmental and operational conditions. The study
proposed an automated stochastic subspace identifica-
tion approach for the extraction of bridge modal proper-
ties for the large amount of data. Xia et al. (2013) and
(2017) investigated in-service condition assessment of a
long-span suspension bridge using temperature-in-
duced strain data. A new structural damage identifica-
tion method using temperature-induced responses was
proposed by the authors and applied to a long-span sus-
pension bridge. Li et al. (2017) performed cluster analy-
sis of winds and wind-induced vibrations on a long-span
bridge based on long-term field monitoring data. It was
shown that the nonuniformity of the wind speed along
the span-wise direction has a significant influence on the
vortex-induced vibrations mode.

This study aims to investigate in-situ monitored struc-
tural behavior of long-span steel cable-stayed bridges un-
der environmental effects. Structural behavior of main
structural elements including decks, towers (pylons) and
main cables of a long span cable-stayed bridge under en-
vironmental effects such as air temperature, humidity
and wind are determined by using daily monitoring data.
Nissibi cable-stayed bridge constructed in Adiyaman,
Turkey, in 2015 is selected as an example. After struc-
tural and monitoring systems of the bridge are briefly in-
troduced, the effects of air temperature and wind speed
on the behaviors of cables, pylons and deck are investi-
gated by using monitored forces and accelerations.

2. Nissibi Bridge and Its Structural Monitoring
System

The long span Nissibi cable-stayed bridge spans the
reservoir of Atatiirk Dam on the Euphrates River in
South Eastern Anatolia (Bayraktar et al. 2017). The
bridge was constructed on the 80th km of the Adiyaman-
Diyarbakir highway between 2012-2015 in Turkey. A
plan, section and view of the bridge are shown in Fig. 1.
The bridge total length is 610m. The 400m main span be-
tween the two pylons consists of a 380m long, 26.5m
wide and 2.70m height orthotropic steel box section and
20m prestresed concrete deck. The each side of pre-
stresed concrete deck is length of 105m. The structural
system of the bridge is founded entirely on rock by
means of spread footings. The two invert Y pylons have
a structural height of 97.78m from top of footing to the
top of pylon. The pylon is made of reinforced concrete
except for the top region of the 14-cable stay anchors.
The side span piers and abutment are designed as rein-
forced concrete structures supporting the heavy side
span prestressed concrete deck. The cable system con-
sists of the typical 7 wire 0.6” galvanized strand and the
cable sizes vary depending on the force in the stay cable.
Dampers were installed on some of the cables used in the
bridge. The deck is carried by 20 double cables (80 cables
in total). The deck is supported by lead rubber bearings
located on the pylons, side span piers and abutments for
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the earthquake protection. In addition to, dilatation
joints are used at the beginning and end of the deck. The
probability of exceedance of the design earthquake
within a period of 50 years was considered as 2% (2475
years) in the seismic analyses. The wind velocity consid-
ered in design was 33.6m/s (120km/h).

The monitoring system of the bridge consists of 28
sensors located on the foundations, deck, pylons and ca-
bles including load cell, accelerometers, wind, tempera-
ture and humidity sensors. Bridge structural monitoring
system and some views of the sensors are shown in Figs.
2 and 3.
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Fig. 1. (a) Plan; (b) longitudinal section; and (c) view from Nissibi Bridge (NBP, 2012; NBR, 2015).

3. Structural Behaviors of Main Structural Elements
under Environmental Effects

The cables, pylons and deck behaviors under environ-
mental effects such as air temperature, humidity and
wind speed are investigated in this section. The forces
and acceleration responses of bridge elements measured
from the bridge monitoring system are compared for
various environmental meteorology. The data recorded
in the hottest summer (July 31, 2015) and the coldest
winter (January 1, 2016) days are chosen for the com-
parisons. The daily variations of air temperature, humid-
ity and wind speed with time are shown in Fig. 4. It can
be seen from Fig. 4a that air temperature is above 30°C

on July 31 and below 3°C on January 1. The temperature
slightly decreases and reaches the minimum in the early
morning in both day. The temperature then increases to
the maximum in the early afternoon and decreases in the
evening and at midnight. The temperature reaches a
minimum of approximately 0°C at around 05:00 hrs on
January 1 and a maximum of approximately 36°C at
around 16:00 hrs on July 31. The relative humidity ratio
on January 1 is higher than the ratio on July 31. The hu-
midity decreases and reaches minimum in the evening in
both days. Maximum wind speed is observed over 12
m/s on January 1, whereas the maximum wind speeds
occur in the afternoon on July 1 and at midnight on Jan-
uary 31. In general, the change in temperature between
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July 31 and January 1 is the most significant among all
environmental effects measured. The variation of the ca-
bles, pylons and deck responses of the bridge due to the
above explained environmental effects are discussed be-

1

GORONOS

VIEW

11000

low. It is noted that the monitoring data for these ele-
ments include the combination of the dead and traffic
loads and environmental effects. The traffic-induced
component could not be separated from the data.

™
*
a

1
'

Cable load cells to be provided by the cable supplier (8 stay cables):

3d-Accelerometers (total 4)
1d-Accelerometer (total 1)

2d-Cable-Accelerometers (total 8):

Wind Sensors 3d ultrasonic (total 2)

Air Humidity (total 1)

Air Temperature (total 1) o
Solar Radiation

Qm@edaes i

MASTER-STATION

1
2
3
4
5
6
¥

Pos. Sensorgroup
Ultrasonic wind 3D

Air Temperature/Humidity

Accelerometer 3D
Accelerometer 1D
Cable Accelerometer 2D

Transmitter for Cable Load Cell

Nos. of Nos. of
Abbr. Sensors Channels

uw 2 6
AT_H 1 2

SoL 1 1

A3 7 21

Al 1 1

CA 8 16
TiLC 8 8

Fig. 2. The sensor types and locations in Nissibi Bridge (VCE, 2012).

Fig. 3. Some views from sensors located in Nissibi Bridge (NBR, 2015).

3.1. Environmental effects on cable behaviors

The properties of cables on the pylons P4 and P5 are
shown in Fig. 5. The prestressed concrete and steel deck
are carried by 20 double cables (80 cables in total) in the
left and right of pylons P4 and P5. Cables 160, 260, 360
and 451 are selected for the investigation of the re-
sponse of the cable forces under temperature and wind
effects.

It can be seen from Fig. 5 that Cables 160 is with

length of 130m, 55 strands and 200mm diameter; and
Cable 260 and 360 is with length of 205m and 50 strands
and 200mm diameter. Both cables have dampers and
are in the right side of the deck. Cable 160 is in the Adiya-
man side of pylon P4. Cable 260 at pylon P4 and Cable
360 at pylon P5 are in the middle of the deck span. Cable
451 is with length of 63m, 37 strands and 180mm diam-
eter and is in the Adiyaman side of pylon P5. The envi-
ronmental effects on cable forces are investigated for an
individual strand force in each cable.
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Fig. 4. Variations of air temperature, humidity and wind speed on July 31, 2015 and January 1, 2016.
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Fig. 5. Cable properties on the pylons P4 and P5 (NBP, 2012; NBR, 2015).

3.1.1. Temperature effects on cable forces

The variations of temperature and humidity in Janu-
ary 1 and July 31 are shown in Figs. 4a and 4b. The vari-
ation of cable forces with air temperature on July 31 and
January 1 are depicted for cables 160, 260, 360 and 451
in Figs. 6 and 7. It can be seen from Figs. 6 and 7 that the
values of cable forces slightly change in July 31 and Jan-
uary 1 throughout the day. The cable forces increase and
reaches the maximum values in the early morning on
January 1, in which temperature has smallest values. Be-
sides cable 160, cables forces recorded in July 31 have
maximum values in the afternoon, in which temperature
has maximum values.

The cable forces in Adiyaman and Diyarbakir sides at
pylon P4 and P5, respectively, have different values as
shown in Figs. 6 and 7. When compared the forces for cable

260 at pylon P4 and Cable 360 at pylon P5, which has the
same length and section properties, the forces recorded
for Cable 360 at pylon P5 are larger than those of Cable
260 in January 1 and July 31. However, similar results
cannot be obtained for Cable 160 at pylon P4 and Cable
451 at pylon P5.

Comparison of cable forces for Cables 160, 260, 360
and 451 in July and January are shown in Fig. 8. It can be
seen from Fig. 8 that while the forces of Cables 160 at py-
lon P4 and 451 at pylon 5 carrying prestressed concrete
deck show approximately constant variation, the forces
of Cables 260 and 360 carrying steel deck show more
variation through day. Temperature difference between
July 31 and January 1 is about 30°C (Fig. 4a). It can be
generally stated that the daily temperature differences
in the hottest summer and the coldest winter days
changes the cable forces by up to 10%.
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Fig. 6. The variation of cable forces with air temperature on July 31 for cables 160, 260, 360 and 451.
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Fig. 7. The variation of cable forces with air temperature on January 1 for cables 160, 260, 360 and 451.
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Fig. 8. Comparison of cable forces for 160, 260, 360 and 451 on July 31 and January 1.
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3.1.2. Wind speed effects on cable forces 260, 360 and 451 on July 31 and January 1 are shown in

Figs. 9 and 10. It is seen from the figures that wind speeds

The design wind speed was taken into account as  are more effective on January 1. The cable forces increase

33.6m/s (120km/h) at the design stage of the bridge. Var-  with increasing wind speed in the afternoon in July 31 and

iations of wind speed on July 31 and January 1 are shown  atthe midnight onJanuary 1.Itcan be generally stated that

inFig. 4c. Maximum wind speed recorded was slightly over ~ the daily wind speeds in the hottest summer and the cold-
12m/s in January 1. The variation of forces for Cable 160, est winter days affect the cable forces slightly.
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Fig. 9. The variation of cable forces with wind speed on July 31 for cables 160, 260, 360and 451.
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Fig. 10. The variation of cable forces with wind speed on January 1 for 160, 260, 360 and 451.
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3.1.3. Environmental effects on cable accelerations The accelerations in longitudinal (2) direction are
smaller than those of the transverse (1) direction. Be-
Cables 159 and 259 at pylon 4 are selected to investi- sides the accelerations in 1 (transverse) direction in Ca-

gate the environmental effects on cable accelerations. ble 259, all cable accelerations change slightly along the
The variations of accelerations recorded on Cable 159 day of January 1. However, accelerations recorded in July
and 259 in transverse (1) longitudinal (2) directions of = 31 show increasing and decreasing changes throughout
the cables on July 31 and January 1 are given in Fig. 11. the day.
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Fig. 11. Comparison of cable accelerations in transverse (1) and longitudinal (2) directions
for 159 and 259 on July 31 and January 1.
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3.2. Environmental effects on pylon behaviors

Bridge has two pylons named P4 and P5. P4 is in
Adiyaman side and P5 is in the Diyarbakir side (Fig. 5).
The accelerometers mounted on the top levels of the py-
lons are shown in Fig. 12. Each accelerometer can take
data in three directions such as longitudinal (x), trans-
verse (y) and vertical (z).

The acceleration components recorded on the top of py-
lons P4 and P5 in July 31 and January 1 are depicted in Figs.

DlYARBAKIR.

13 and 14. It can be seen from Figs. 13 and 14 that the big-
gest accelerations occurred in the vertical (z) direction in
both July 1 and January 31. The pylon accelerations in
Adiyaman and Diyarbakir sides at pylon P4 and P5, respec-
tively, have different values. The acceleration values rec-
orded at the top of pylon P5 are higher than those of the
pylon P4. Although accelerations show almost constant
variation in January 1, they behave changeable in July 31 in
pylon P4 and P5. The values of accelerations in July 31 gen-
erally decrease towards noon and increase towards night.

uUw__PStop
SOL_PStop

|
e

|1

Fig. 12. Accelerometer locations on the P4 and P5 pylons (NBP, 2012; NBR, 2015).
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Fig. 13. Comparison of accelerations recorded on the top of pylon P5
in longitudinal (x), transverse (y) and vertical (z) directions on July 31 and January 1.
3.3. Environmental effects on deck behavior directions are plotted in Fig. 16. The largest acceleration

occurred in the vertical (z) direction in both July 31 and

The accelerometer mounted on the deck center is  January 1. While accelerations in January 1 show almost

given in Fig. 15. The accelerations recorded on the deck constant variation, the accelerations in July 31 increase
center in longitudinal (x), transverse (y) and vertical (z) =~ towards to noon and decrease to the night.
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Fig. 14. Accelerometer locations at the deck center (NBP, 2012; NBR, 2015).
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Fig. 16. Comparison of accelerations recorded on the deck center

in longitudinal (x), transverse (y) and vertical

(z) directions on July 31 and January 1.

4. Conclusions e The wind speed has more effect on the cable forces on

The monitored structural behavior of cables, pylons
and deck of a long span cable-stayed bridge are investi-

gated under environmental effects such as air tempera- .

ture and wind speed. The daily variations of cable forces
and accelerations, and pylon and deck accelerations are
obtained for the hottest summer (July 31, 2015) and the
coldest winter (January 1, 2016) days. The results ob-

tained from the study are summarized below as: .

e The values of cable forces changes depending the
daily air temperature. The cable forces increased and
reached the maximum values in the early morning of
January 1, in which temperature has the lowest val-
ues. Cables forces recorded on July 31 generally have
maximum values in the afternoon, in which tempera-
ture has also the maximum values.

January 1. The forces of the long cables increase with
increasing wind speed in the afternoon for both July
31 and January 1.

The cable accelerations in longitudinal direction are
smaller than those of the transverse direction. While
the cable accelerations recorded on July 31 show an
increasing and decreasing changes, they change
slightly in January 1 throughout the day.

The pylon accelerations in Adiyaman and Diyarbakir
sides at pylon P4 and P5, respectively, have different
values. The values of the acceleration recorded in py-
lon P5 are higher than those of pylon P4. Although ac-
celerations show almost constant variation in January
1, they exhibited more variation in July 31. The values
of accelerations in July 31 generally decrease towards
noon and increase towards night.
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e While accelerations recorded in the deck center in
January 1 show almost little variation, the accelera-
tions in July 31 increase towards noon and decrease
towards the night.

e The maximum accelerations in the deck and pylons
occur in vertical directions. The cable accelerations in
longitudinal direction are smaller than those of the
transverse direction.

It is generally stated from the results that the struc-
tural behaviors of cable-stayed bridges are sensitive to
the changing environmental load distributions due to
their highly statically indeterminacy. Therefore, special
attention must be given during the data taken from the
bridge monitoring system and evaluated by experienced
engineers.
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ABSTRACT

ARTICLE INFO

The steel silos are interesting complex facilities. In order to ensure unloading of
whole amount of stored product by gravity, the steel silos are often placed on sup-
porting frame structure. Values of stresses in the joints between the thin walled shell
and supporting frame elements are very high. It can causes local loss of stability in
the shell. To prevent its local buckling, many designers put stiffening elements above
the supports. Here the question is how high should be the stiffening elements? The
right solution is that they should reach that level till which the values of the meridio-
nal normal stresses above the supports and in the middle between them are equal-
ized. Under this level the cylindrical shell will be considered as a ring beam, stiffened
by elements above the supports. Above it, the cylinder can be calculated as continu-
ously supported shell. But where is this level? A lot of researchers worked on values
and way of distribution of normal meridional stresses above the supports of the cy-
lindrical shells. As a result of their efforts are determined critical height Hcr of the
shell and the ideal position H; of intermediate stiffening ring. But these heights are
considerably different between each other. To which of them our vertical stiffening
elements should achieve?
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1. Introduction

Often steel silos are lifted facilities, placed on support-
ing structure. The purpose is to unload all stored product idrical el
easily and completely by gravity. Supporting structure Cylindrical she

tions of exploitation. The most popular are two types -

Axisymmetric loading
on cylindrical shell

built by horizontal girders and columns or by columns
only. Both types frame structure cause concentration of
meridional forces in the cylindrical body of the silos. As
a result, the thin walled shell could loses local stability.
The simplest way to design steel silos is hypotheti-
cally to divide cylindrical shell on two parts - discretely
supported ring beam and continuously supported shell
above it. This conception is accepted by the European
standard EN 1993-4-1, see Fig. 1. Obviously, to ensure
continuous support of shell, bending stiffness of ring
beam should be high. Unfortunately in EN 1993-4-1 is
not mentioned the recommended stiffness of ring beam.

{ {
for every project is different, depending on real condi- l j j
t

* * Uniform loading of ring beam

by cylinder

Fig. 1. Traditional design model for silos on discrete supports.

Ring beam

T Discrete (local) supports
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Rotter (1985) suggested that a value of ratio i = 0.25
might be suitable for adoption in design, where:

— Ksheu (1)

1]

Kring

in which: Kshen is stiffness of cylindrical shell; Kring - stiff-
ness of ring beam.

Based on English translation of study of Vlasov (1961)
about of curved beams, stiffness of ring beam Kiing is ex-
pressed as:

_ (n2-1)’E1, 1
K‘ring - R4 ;: (2)

where: n is number of uniformly spaced supports; E -
modulus of elasticity; I+ - moment of inertia about a ra-
dial axis; R - radius of ring beam centroid.

Ely,

=145, 3)
in which:

Ky = GJ + n2Z¥ (4)

R% '’

where: G is shear modulus; J - torsional constant; Cw -
warping constant for an open sections.

Semimebrane theory of shells, proposed by Vlasov
(1964), gives an expression of stiffness of cylindrical
shell, as follow:

3/2
Konew =@ =Dz (5) " = (5)

fs’
where: tis a thickness of the cylindrical shell.

_ (eM?-2eMsin(n)-1

fs = (eM2-2eMcos(m) +1’ (6)
in which:

2mH
n=- ()

where: H is height of cylindrical shell; p - expressed by
Calladine (1983) long wave bending half-wavelength:

__2n%3 |R
H= ny(m2-1)\ t R. ©))

Based on Egs. (2) and (5), stiffness ratio i will look
like as:

Kshen _ 0.76(Rt)*> R , n?  f
= = — Ly 9
l,b Kring Ir \/: n2-1)3 f ( )

For simplification, the Eq. (6) could be represented by
two simple relations:

n
f = { ;,whenH <H, (10)

1.0,when H > H,,'

where: Her is critical height of cylindrical shell. It could
be determined by formula:

__3%3 |r
Cr_n‘/(nz—l) t

H R. (11)

H.r represents the height of shell which is effective of
redistributing of discrete forces from supports and
equalizing of axial normal stresses. When height of shell
H < Hcr, entire shell resists axial loads from supports.
When H > Her, only that part between bottom of shell and
critical height Her is effective in redistributing of vertical
reactions from discrete columns.

In their researches Topkaya and Rotter (2011a,
2011b) conducted extensive finite element analyses for
verification of Rotter’s criterion about stiffness of ring
beam. With 1280 separate finite-element analyses
(FEA), covering two different types of ring sections, var-
ious heights and radii of cylindrical shells, the authors
checked validity of suggested by Rotter (1985) ratio i =
0.25. On basis of done FEA they concluded, when a stiff-
ness ratio ¥ < 0.1, axial stresses will not deviate more
than 25% from the uniform support assumption.

Later Topkaya and Rotter (2014) determined ideal lo-
cation of intermediate stiffening rings on the shell. They
expect a ring, placed at this ideal position, can effectively
remove all circumferential nonuniformity in the axial
membrane stress above it. The simple expression of
ideal location H; is:

H, =12(1 +v)§, (12)

where: v is Poisson's ratio.

Eq. (12) is verified by the authors using a total of 2400
finite element analyses.

Necessary stiffness of intermediate stiffening rings is
determined by Zeybek et al. (2015). Stiffness ratio x
could be expressed as:

2.72(n2_
_ _ Keew  _ Rt(AR?+1Z(n2-1))
Kstiffener  12V3(1+v)15ALn(n2-1)2"’

(13)

where: Ksnen is circumferential stiffness of the shell; Kt
ener - circumferential stiffness of circular ring; A - cross
sectional area of the stiffening ring; Ix - moment of inertia
of the stiffening ring about vertical axis "x-x".

The results in research of Zeybek etal. (2015) indicate
that ratios below about x < 0.2 provide a satisfactorily
uniform axial membrane stress distribution above the
intermediate ring stiffener, so this limit is recommended
for practical design. In his later research Zeybek et al.
(2017) confirmed, that correlation smaller than x < 0.2
are sufficient even when the rings are placed under their
ideal position.

It should be noted that all above mentioned re-
searches are done with smooth steel shells, without ver-
tical stiffeners in them. On other side, common practice
in design of steel structures is to place stiffening ele-
ments on the point, where are applied concentrated
loads. In our case, the stiffeners should be placed above
the discrete supports, see Fig. 2.
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Fig. 2. Stiffening elements
above discrete supports of the shell.

Here the question is, how tall could be these stiffen-
ers? The reasonable approach is vertical stiffening ele-
ments to reach the level in which there is an equalization
of the values of the meridional normal stresses above the
supports and in the middle between supports. Under this
level the cylindrical shell will be considered as a part of
ring beam, stiffened by elements above the supports.
Above it, cylinder can be modelled as continuously sup-
ported shell. But where is the position of this level? Values
of critical height H.: of the shell and ideal position Hi of in-
termediate stiffening ring are very different between

themselves. Furthermore, in his research Zdravkov
(2017a) shows that when there are vertical stiffening el-
ements without stiffening ring in the upper end, the
height of the critical zone in which are distributed verti-
cal reactions of discrete supports, is increased. In other
words as longer are the stiffeners, as higher will be the
critical zone. Therefore, there is a certain level, place-
ment of stiffening elements over it is not only pointless,
but even harmful. In the present article the author will
try to determine the limits of this level.

2. Finite Element Analysis

For the purpose of research, tree steel cylindrical
shells are modelled, using software ANSYS. Their param-
eters are as follow:

a) dimensions:
- shell 1 - diameter D = 3 m, height H=6 m;
- shell 2 - diameter D = 4 m, height H =8 m;
- shell 3 - diameter D = 5 m, height H = 10m.

b) all shells are with constant thickness t =5 mm.

c) all shells are supported by six immovable supports
with dimensions in plane 125x125 mm, see Fig. 3.

Fig. 3. Numerical models - dimensions and loading.

d) in order to strengthen the shells in radial direction, on
50mm above the lower edge and on 50mm below the up-
per edge are placed rings with section L100x8 mm,
welded as is shown on Fig. 6 ;

e) the stored in the facilities product varies. For each
shell it is as follow:

-shell 1 - cement;

-shell 2 - lime;

- shell 3 - sand.

Every product causes horizontal pressure Pnrand ver-
tical Pwrload due to the friction between the stored ma-
terial and the shell. Their values are determined for
every particular product according to standard EN 1991-
4. All loads are uniformly distributed and applied as a
surface pressure on the shell. They are applied to inter-
nal surface of the shells.

f) shells 1, 2 and 3 are researched in six different types of
the stiffening on the supports:
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- models without stiffeners above the supports, see
Fig. 4a;

- the shells are is stiffened with an intermediate ring
with section L100x8 mm, see Fig. 4b. Above every sup-
port are placed 2 steel plates with section 8x100 mm,
which reach the intermediate ring.

a) shell without
vertical stiffeners

b) shell with vertical
stiffeners

Fig. 4. Vertical stiffening elements
on the cylindrical shell.

The levels of intermediate stiffening ring are calcu-
lated as follow:

- using an average value of distribution of discrete
forces Fr from supports o = 45°, see Fig. 5. The height Has
is determined with the expression:

H45 = T . (14’)
e |t s | B T | R | R T
ol -l
- T~
Iy

) N
 ——  E——
', g,

Fig. 5. Average angle a of distribution of the
compressive forces on height.

- at ideal position of the intermediate stiffening ring
on the shell. The height Hi will be calculated by the for-
mula (12);

- using an average value of distribution of discrete
forces Fr from supports o = 30°. The height Hso should be
calculated by the formula:

Hzo = =X tan(90° — %), (15)

- the length of the stiffeners H. is equal to distance be-
tween the supports. It is calculated according to the for-
mula:

HL - (1)

- the height of the stiffeners is equal to the critical
height Her of the shell, which is calculated according to
the formula (11).

g) material of elements is steel S235, with a properties
according to European standard EN 10025-2:2004.

The angular section L100x8 and a part of the cylindri-
cal shell form an intermediate stiffening ring with a
shape as is shown on Fig. 6.

100 5
X [ I
—
i 1
’?ZZZ‘ i
s P
g i
) X L

Fig. 6. Shape of the intermediate stiffening ring.

Effective width ] of the steel sheets over and below the
joint is calculated according to the standard API 650, by
the expression:

| < 13.4VDt, (17)

where: D is a diameter of the cylindrical shell, m; ¢t -
thickness of the cylindrical shell, mm.

Effective width I for the shells with the smallest diam-
eter, D = 3 m, is I = 51.9 mm. I accept to have effective
width I = 50 mm for all shells. It is on way of safety.

The geometric characteristics of the obtained stiffen-
ing ring are:

a) area-A=20.5cm?;

b) moment of inertia about vertical axis “x-x" -
1x=358.4 cm*.

For different shells, the ratio of the stiffness’s ¥, calcu-
lated according to the formula (13), has the values as fol-
low:

-shell 1 -x =0.042;

-shell 2 - x = 0.0764;

- shell 3 -x =0.130.

The maximum value of the ratio x = 0.130 < 0.2, so it
could be expected that the stiffness of the intermediate
ring will be sufficient to equalize the meridional stresses
in the shell above it.
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The shells are modeled by 2D quad elements "Shell
181" with maximum dimensions of 50 mm. The method
of their creation is “All quad”. Element’s midside nodes
are controlled by program.

Thin shell structures are sensitive for effect of
changes of geometry during loading. On that reason geo-
metrically nonlinear analyses (GNIA) are used, accord-
ing to the recommendations of EN 1993-1-6.

ANSYS’s option “symmetry” is activated to reduce a
calculation time. In analysis is used a quarter of silo only.

Axial normal stresses are accounted by the height of
shell, in the middle between two supports and above the
supports. After that are determined the values of ratio
Oxm/0xs, where:

oxmis meridional normal stress by height of the cylin-
der, in the middle between two supports;

oxs — meridional normal stress by height, above the
supports.

The idea is that where the ratio oxm/0oxs =1.0, is the
upper border of the critical zone in the shell, in which are
redistributed vertical reactions of supports. Above that
border circumferential nonuniformity in the axial mem-
brane stresses does not exists and the shell is continu-
ously supported.

The study continues with a buckling analysis. This so-
lution gives the load multiplier "k", which can be as-
sumed as a reserve of the bearing capacity of the shell.
The reserve k gives a quantity assessment of the influ-
ence of the different height of the vertical stiffeners on
the bearing capacity of the shell.

3. Analysis Results

In the charts below, see Fig. 7, could be seen the ac-
counted through numerical methods change in the ratio
0oxm/0xs by the height of the shell.

Obviously, the presence of an intermediate stiffening
ring above the supports is favourable. It limits the ine-
quality of the meridional stresses above it.

The Fig. 7 shows ratios oxm/0xs > 1.0. It means that in
part of the shell the axial stresses in the middle between
the supports are bigger than the stresses above the sup-
ports. A similar phenomenon has been observed in pre-
vious researches of Zdravkov (2017a, 2017b). This effect
is underlined in shells without intermediate rings, in
which could be reported values of the ratio oxm/oxs > 2.0.

It could be seen that as longer are the vertical stiffen-
ing elements as bigger are the ratios oxm/0xs above their
upper end, i.e. the inequality of the stresses above them
is smaller. Exceptions here are the stiffening elements
with height h = He.

The results of the performed Buckling Analysis for
each of shells are as follows:

a) shell 1
- there are no vertical stiffeners - k = 8.809;
- Hs5 =785 mm -k =26.392;
-Hi=1185mm - k= 29.789;
- H30=1360 mm - k=30.767;
-H.=1571mm- k=31.527;
-Her=2890 mm - k=32.072.
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3

=~

S

5 4000

= —No stiffeners
k=]

< 3000 ) H45 = 785 mm
g ——Hi=1185mm
£ 2000 —H30 = 1360 mm
kT ff> HL=1571mm

—Hcr=2890 mm

1000 V
0

a) shell 1 - diameter D = 3 m, height H=6m
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2 .
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b) shell 2 - diameter D =4 m, height H=8 m
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% 6000 No stiffeners
o =
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S 4000
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2 3000 / HL = 2618 mm
g 2000 —Her = 6218 mm
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-0,5 0 0,5 1 1,5 2 2,5
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c) shell 3 - diameter D =5 m, height H = 10m
Fig. 7. Change of ratio oxm/0xsby the height
of the cylindrical shell.
b) shell 2

- there are no vertical stiffeners - k= 5.719;
- Hss =1047 mm - k= 19.478;

-H1=1580 mm - k=21.872;

- H30=1814 mm - k = 22.387;
-H.=2095mm - k=22.731;

-Ho=4449 mm - k= 22.474.

c) shell 3
- there are no vertical stiffeners - k= 1.571;
- Hiys = 1309 mm - k = 3.293;
-Hi=1975 mm - k = 3.548;
-H30=2267 mm - k =3.622;
-HL=2618 mm - k = 3.688;
-He=6218 mm - k = 3.835.
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It is obvious that the using of vertical stiffening ele-
ments considerably increase bearing capacity of the
shell on meridional loading. Longer stiffeners assure big-
ger reserve of bearing capacity. The effect is not linear
and decrease with elongation of stiffeners. Therefore,
the author would recommend the use of the vertical stiff-
ening elements with length Hi < h < H..

M: Buckling - No stiffeners
Total Deformation
Type: Total Defarmation

Load Multiplier: 8,8087

1Max
0,8889
077779
0,66667
0,55556
044445
033334
0,22222
[ARRRA]
0 Min

a) shell without vertical stiffeners

When the researched shells do not have vertical stiff-
eners, loss of stability is caused by the axial stresses oxs.
The buckled zone is just above the supports, see Fig. 8a.
When the shells have vertical stiffening elements and a
horizontal ring above them, the loss of stability is caused
by shear stresses. The zone of buckling is on both sides
of the vertical stiffeners, see Fig. 8b.

K:Buckling - h = 1185 mm
Total Deformation
Type: Total Deformation
Load Multiplier: 29,789

b) shell with vertical stiffeners

Fig. 8. Modes of buckling of the cylindrical shell.

4. Conclusions

Common practice in design of steel silos is to place
stiffening elements in applying point of concentrated
loads. In our case the stiffeners are placed above the dis-
crete supports. As a result, bearing capacity of the shell
on meridional loads increases. Longer stiffeners assure
bigger bearing capacity, but the effect decreases with
elongation of stiffeners.

In his researches, Zdravkov (2017a, 2107b, 2018)
shows that equalizing of the axial normal stresses on the
height depends on a lot of factors. As a presence, by ver-
tical stiffeners and/or intermediate rings, value of inter-
nal pressure, ratio D/t and other. On that reason the au-
thor cannot state exactly how long should be the stiffen-
ing elements. As a conclusion of this research can recom-
mend the limits of the length h of the stiffeners. Accord-
ing to the author, it should be Hi < h < H.. When the height
h < H), ratio oxm/0xs < 0.6, in other words there is a large
inequality in the meridional normal stresses above the
upper end of the stiffeners. There is no much sense to use
stiffeners with a length h > Hi, because the effect of their
elongation above these values is too small. Beside of it
the longer stiffening elements lead to ratio oxm/oxs > 1.0
in their upper end.
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ABSTRACT ARTICLE INFO

A majority of the present building stock of Turkey is under seismic risk. It is believed
that a significant proportion of the existing structures will either collapse or will get
heavily damaged during a possible strong earthquake. With this respect, as an initial
stage in the betterment of the structurally deficient building stock, assessment of ex-
isting buildings is of vital importance. From this viewpoint, in this study, earthquake
performance of a collapsed school building was investigated through numerical per-
formance analysis based on codified rules. At the end of 2011, numerous ground mo-
tions of various intensities have been registered in city of Van in eastern Turkey start-
ing from 23 October 2011. Two major earthquakes were experienced at the Tabanli
and Edremit district of Van. The moment magnitudes of these earthquakes were an-
nounced as 7.2 and 5.6, respectively. The investigated school building in this study
was located in the city of Van and collapsed after first major earthquake (Mw=7.2).
Structural details of the load-bearing members of the investigated building including
as-built drawings and specified material properties were obtained. Based on ob-
tained data, a numerical model was created to simulate the behavior of the building
under code specified earthquake effects. Earthquake performance assessment of the
structure was carried based on the recommendations given in the related chapter of
the Turkish Seismic Code. Pushover analyses were performed and expected member
by member damage levels and overall structural damage were determined in accord-
ance with Turkish Seismic Code. The results are discussed to enlighten the actual
cause of the collapse.
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1. Introduction

A majority of the present building stock of Turkey is
under seismic risk. With this respect, it is believed that a
significant proportion of the existing structures will ei-
ther collapse or will get heavily damaged during a possi-
ble strong earthquake. This is well supported by the con-
sequences of the previous earthquakes that occurred in
the region (1992 Erzincan, 1995 Dinar, 1998 Adana-
Ceyhan, 1999 Kocaeli and Diizce).

Atthe end of 2011, numerous ground motions of various
intensities have been registered in city of Van in Turkey
starting from 23 October 2011. Two major earthquakes

were experienced at the Tabanli and Edremit district of
Van. The moment magnitudes of these earthquakes were
announced as 7.2 and 5.6, respectively, by United States
Geological Survey (USGS). In these seismic events 604
people lost their life and 1000 buildings were either
heavily damaged or collapsed. More than 600,000 peo-
ple were reported to have been affected by the earth-
quakes in that period (Cosgun et al,, 2013).

A major part of earthquake prone areas in the world
hold sub-standard building stocks. Buildings con-
structed with poor reinforcement details, low strength
concrete (under 10 MPa) and reinforcing bars with plain
surfaces generally suffer from earthquakes due to low
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deformation and lateral load-carrying capacity (Ilki et al,,
2009; Bedirhanoglu et al., 2010; Cosgun et al., 2013;
Turk et al,, 2013). These buildings are urgently needed
to be either reconstructed or strengthened to reduce hu-
man losses in possible future strong seismic events. Dur-
ing the structural renewing of sub-standard buildings,
efficient numerical simulation and assessment method-
ologies will considerably contribute to the reduction of
damages in future earthquakes. On the other hand, the
real cases experienced in past earthquakes are quite im-
portant to evaluate the efficiency of these numerical sim-
ulation approaches and code-specified member perfor-
mance criteria. Isik and Kutanis (2015) have conducted
performance-based assessment for existing residential
buildings to investigate the seismicity of the region, re-
cently.

During the aforementioned seismic events in the city
of Van, unfortunately, some government buildings were
heavily damaged or collapsed. One of these collapsed
buildings is the Gedikbulak school building. This build-
ing is the only school building that collapsed in the re-
gion. Fortunately, at the time of collapse there were no
students or staff nor any visitors inside the building. In
this study, this building was chosen to investigate the
earthquake performance by using numerical simulation
based on present seismic code requirements for the as-
sessment of existing RC buildings. Nonlinear pushover
analyses were carried out for the building for both or-
thogonal lateral directions. During the nonlinear seismic
performance assessment analyses, the design blue prints
were taken into consideration. Therefore, the main pur-
pose of the study is to check the suitability or safety of
the design approach followed during the construction of
the school building. Finally, seismic performance levels
defined in the current code of practice were used to com-
pare with strength and drift estimations from the nu-
merical simulations. Inel and Meral (2016)’s study also
shows the approach of Turkish Seismic Code (TSC, 2007)
on the seismic performance of RC buildings subjected to
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past earthquakes in Turkey and encountered damage
types from the effects of previous earthquakes.

2. Strong Ground Motion Records and Spectral
Characteristics

Local coordinates of the Mw=7.2 Tabanli and Mw=5.6
Edremit earthquakes are reported as 38.689N-43.465E
and 38.447N-43.263E, respectively (AFAD). While the
maximum PGA values recorded during the Tabanli
earthquake at the Muradiye station for NS, EW, and Ver-
tical directions are 0.182g, 0.173g, and 0.081g, respec-
tively, the maximum PGA values recorded during the
Edremit earthquake at the Van Merkez station in the NS,
EW, and Vertical directions, are 0.151g, 0.251g, and
0.153g, respectively. For the Tabanli earthquake, the
processed time histories yield peak ground velocities of
27.3 cm/s, 14.8 cm/s, and 5.9 cm/s for the NS, EW, and
Vertical components, respectively; whereas the maxi-
mum peak ground displacement is obtained as 5.5 cm for
the NS component (Tapan et al., 2013). For the Edremit
earthquake, peak ground velocities of 17.3 cm/s, 32.1
cm/s, and 6.3 cm/s are obtained for the NS, EW, and Ver-
tical components, respectively; whereas the maximum
peak ground displacement is calculated as 6.8 cm for the
EW component (Tapan etal., 2013). The 5% damped ac-
celeration response spectra obtained from the records of
the Tabanli and Edremit earthquakes are compared with
the 2007 Turkish Seismic Code (TSC, 2007) spectrum in
Fig. 1, defined for seismic zone 1 (PGA=0.4g) for Van and
for all soil classes, where Z1 represents the most stiff soil
condition and Z4 the softest. In the TSC (2007), the
shortest period range for a maximum spectral amplifica-
tion value of 2.5 is defined between period values of
TA=0.10s and TB=0.30s for soil class Z1, and the longest
period range is defined between period values of
TA=0.20s and TB=0.90s for soil class Z4. As seen in Fig.
1, none of the records exceed the design spectra.
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Fig. 1. Comparison of (a) first (Muradiye station) and (b) second earthquake (Van Merkez station)
response spectrum with TSC (2007) design spectrum.

3. Outline of Investigated School Building

School buildings in the city center and districts are
generally low-rise reinforced concrete structures with
shear walls. While, owing to presence of sufficient
amount of shear walls in two main orthogonal directions

and the regular structural systems, most of these school
buildings have performed well, without experiencing
considerable damage, few school buildings have experi-
enced widespread damage in partition walls. Considering
the possibility of school buildings to be used as shelters
after earthquakes, this type of non-structural damage
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should also be avoided through proper construction of
the partition walls. Few schools, particularly relatively
older ones without shear walls, experienced slight to
moderate structural damage as well. However, among all
the above-mentioned school buildings, there was one
school building (Gedikbulak school building) that totally
collapsed.

The structure is a 3-storey building which was con-
structed in 1988 having dimensions 14.4 by 21.6 m in
plan. It has four spans in both E-W (X) and N-S (Y) direc-
tions. The story height of all stories is 3.2 m. The typical
architectural and structural floor plans of the building is
shown in Fig. 2. View of the collapsed school building is
also given in Fig. 3.
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Fig. 2. (a) Architectural and (b) Structural floor plans of the collapsed school building.
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Fig. 3. View of the collapsed school building.

Information regarding the structural system plan and
geometric details of the structural members were obtained
by in-situ investigation. As-built drawings of the building
were also available and these were used to cross-check the
in-situ investigation findings. The cross-section details of
the building columns and beams are shown in Figs. 4 and
5. The building was constructed with two-way reinforced
concrete slabs having thickness of 200 mm. Main differ-
ences between the section types are the dimensions and
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longitudinal reinforcement configuration. The building has
2 types of shear walls with two different cross-section ge-
ometries as rectangular and L-shaped. Both types of shear
walls include ¢18 bars as longitudinal reinforcement on
first floor. On upper floors, shear walls have same dimen-
sions but with ¢14 bars. Layout of the geometric cross-sec-
tional details of structural members is given on the floor
plan in Fig. 2. Plain bar type reinforcements were used for
all the structural members of the building
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Fig. 4. The geometry and structural details of column cross sections.
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Fig. 5. The geometry and structural details of beam cross sections.
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4. Damage Outline and Construction Errors

Damage outline of the collapsed building is presented
under this chapter. Fig. 6 presents post-earthquake photo-
graphs of this collapsed building. Also, in Fig. 7, a close-up
photograph of one of the failed shear walls in the building
at first floor level is shown. It is observed that the shear

walls were lacking all necessary conditions that are dic-
tated by the related Turkish Seismic Design Code (TSC,
2007). These include inadequate lap splices, poor rein-
forcement details, insufficient concrete strength and the
use of plain reinforcement bars. Some of these deficiencies
can also be observed from the buildings in Kiitahya region
of Turkey after 2011 Simav earthquake (Yo6n et al,, 2013).

Fig. 6. Photos of the collapsed school building.

As will be demonstrated in the following pages, the
nonlinear static analysis of the building carried out by
assuming the project member sizes and reinforcement
details has revealed that the structural system appears
to be adequate, in terms of stiffness and strength, to
withstand these moderate-level earthquakes without to-
tal collapse. However, the deficiencies in reinforcement
detailing such as insufficient anchorage of the beam lon-
gitudinal bars into the shear walls (see Fig. 6), low stir-
rup spacing and the lack of hooks of lateral reinforce-
ment, and inadequate lap splices of the longitudinal bars
of the shear walls seem to have impaired the efficiency
of the shear walls, remarkably (see Fig. 7). The collapse
mechanisms encountered in this observation can be
compared and discussed with the study on the seismic
behavior of a reinforced concrete building collapsed dur-
ing the 2009 L’Aquila earthquake (Palermo et al. 2014).
In 2009 L’Aquila earthquake, some of the buildings were
totally collapsed building revealed that most of the col-
umns at the ground story level failed in shear with some
evident buckling of the longitudinal bars (no transverse
reinforcement in the joint region).

5. Nonlinear Static Analysis

Seismic assessment of existing structures are compli-
cated work which generally requires more sophisticated
analyses than performing a new design (Ni, 2014). Car-
valho et al. (2013) have compared different modelling
approaches for nonlinear static and dynamic analyses of
reinforced concrete buildings. In this study, three dimen-
sional analyses were conducted using the structural
analysis program SAP2000 (CSI, 2016) for static and dy-
namic analysis of structure. The cross-section properties
like moment-curvature capacities for beam ends and
normal force - moment (P-M) interaction curves for
shear wall ends were calculated by using the XTRACT
software (IMBSEN software systems, 2004). A descrip-
tion of the modelling details is provided as follows. A
three-dimensional model of the structure which is
shown in Fig. 8 was created with the software to carry
out the nonlinear static analysis. Beam and column ele-
ments were modelled as nonlinear frame elements with
lumped plasticity by defining plastic hinges at both ends
of the beams and both ends of the columns. Theoretical
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zero distances were assumed for the plastic hinge loca-
tions. Shear walls are modelled like frame members by
defining the geometric properties of shear walls. The
user defined flexural hinge properties were determined
by the moment-curvature and P-M interaction analyses

of each structural element by means of the section anal-
ysis software. Moment - rotation diagrams of beams and
P-M interaction diagrams of shear-walls are gathered
from the analysis by XTRACT software. And for columns,
SAP2000’s sectional plastic analysis configuration is used.

Fig. 8. 3D model of the structure.

The nonlinear behavior of columns and beams are
taken into consideration through the defined plastic
hinges at the critical locations where moments are max-
imum. The inelastic moment-rotation relationships of
columns and beams are obtained through fiber analysis
using build-in SAP2000 tools and XTRACT software, re-
spectively. The reason of using SAP2000 built-in tool for
determination of moment-rotation relationship of col-
umns is the variation of axial loads on the columns,
which was not possible to take into consideration for
moment-rotation relationships to be obtained using
XTRACT software, which takes into account a constant
axial load for the member. On the other hand, use of
XTRACT software for the moment-rotation relationships
of the beams does not pose any problem since axial loads
on the beams are marginally small. The moment-rotation
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107
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61
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relationships for beams are obtained through XTRACT
software rather than SAP2000 due to more practical
data input interface of XTRACT. It should also be noted
that after determination of P-M relationship for columns,
SAP2000 assumes a bilinear moment-rotation relation-
ship with a horizontal branch after yielding. The material
models for the unconfined concrete (f.=10 MPa), con-
fined concrete and the typical steel stress-strain model
with strain hardening for steel (,=220 MPa) used in the
moment-curvature analyses is given in Figs. 9 and 10.
These material models are specified in related TSC
(2007) code which states to use Mander and Priestley’s
material model for confined concrete (Mander et al,
1988). Live load on the structure is defined as 3.5 kN /m?
and 2.0 kN/m? floor covering load is defined. Dead load
is automatically calculated by the software.
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Fig. 9. (a) Unconfined and (b) Confined concrete material models used in the analysis for C10.
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Fig. 10. Stress-strain model with strain hardening for reinforcing steel (f,=220 MPa).

The cracked section stiffness for RC beams was as-
sumed as 0.4 times of EI (flexural rigidity of cross sec-
tion) according to TSC (2007). As stated in TSC (2007),
live load participation for school buildings is given as
“0.6” and the cracked section stiffness for RC columns
should be calculated after analysis of structure under
“Dead Load + (live load participation factor) x (Live
load)” combination. Cracked section stiffness values for
RC columns are dependent on the axial load of those
members under the combination mentioned above.
Cracked section stiffness of each column and shear wall
is calculated and defined in the software. Related rule in
TSC (2007) is given below:

If Np/(Acfem)<0.10 then (EI).=0.40 (EI)
If Np/ (Acfem)20.40 then (EI).=0.80 (EI)
If 0.10<Np/ (Acfem) <0.40 then Interpolation for (EI).
where: Np = axial force on member; Ac = cross sectional
area of member; fom = compressive strength of concrete;

EI = flexural rigidity of cross section; (EI). = the cracked
section stiffness.

In the nonlinear static (pushover) analysis, the be-
havior of the structure is characterized by the capacity
curve that represents the relationship between the
base shear force and top displacement. This is a very
convenient representation in practice, and can easily be
visualized by structural engineers. It is recognized that
the structure’s roof displacement is used for the capacity
curve because it is widely accepted in practice. The
structure is investigated in both orthogonal horizontal
directions. Analysis case for x direction was named
PushX while PushY was used for y direction. As analysis
results, “pushover curves of both cases are converted to
modal capacity diagrams and superposed with design
earthquake spectrum with bilinear curves. Deflection
demand curves for both cases are given in Figs. 11 and
12.
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) :
—
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m f
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s I
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Sd (m)

Fig. 11. Deflection demand for PushX case.
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Fig. 12. Deflection demand for PushY case.

TSC (2007) specifies that the target displacement (Sa) m for PushY. The structure is re-pushed until target dis-
gathered from the graph should be increased by multiply-  placement values are reached and plastic hinge mecha-
ing the Sqi value with modal participation factor (1) and ~ nisms in last step of both directions (PushX and PushY
mode shape roof displacement (®in1) of related mode.  cases) are investigated. Plastic hinge formation pattern
The target roof displacements calculated for PushX case  for the initial hinges and the hinges at target displace-
was calculated as 0.014 m and it was calculated as 0.040 ment state (PushX and PushY cases) are shown in Fig. 13.

PushX/Roof Displacement = 0,003 m Push¥/Roof Displacement = 0,008 m

PushX/Roof Displacement = 0,014 m (Target) Push¥/Roof Displacement = 0,040 m (Target)

Fig. 13. Plastic hinge formation pattern for PushX and PushY cases.
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As seen in these figures, according to design approach
followed, plastic hinges occur on columns and beams.
Therefore, it is obvious that the current capacity design
principles were not followed properly during the design
phase leading to weak columns and strong beams. Nev-
ertheless, at target drift, the building is still in life safety
performance level. Plastic hinge formation mechanisms
were obtained at displacement points corresponding to
the global yielding and ultimate displacements. The
global yielding point corresponds to the displacement
along the capacity curve in which the system starts to sof-
ten. No shear failure of structural members was detected
in both cases. This was primarily due to the assumed low

compressive strength of concrete and weak joint detail-
ing. Thus, the overall behavior was dominated by the
flexure and joint shear.

After the pushover analysis, plastic rotation of each
hinge mechanism is checked for the rules given in TSC
(2007). In the current Turkish Seismic Code, three dif-
ferent damage limits are defined in terms of plastic
strain of concrete and steel for the evaluation of struc-
tural performance. Details of these damage limits are
given in Table 1.

The code describes four different performance levels:
Light Damage, Moderate Damage, Heavy Damage and
Collapse, as shown in Fig. 14.

Table 1. Section damage limits given in TSC (2007).

Unconfined Concrete

Confined Concrete

Section Damage Limit Strain of Concrete

Strain of Steel

Strain of Concrete Strain of Steel

(Sc) (Ss) (Sc) (SS)
Minimum Damage Limit (MN) 0.0035 0.01 0.0035 0.01
Safety Limit (SL) 0.0035 0.04 0.0135 0.04
Failure Limit (FL) 0.0035 0.06 0.0180 0.06
Internal Force
A
SL FL
__(:lj—— 1 —
f I
I
1
! : L
I I I
| ' I
l ! :
: l !
I ! 1
I ! 1
| i |
i ! i
. I I
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Fig. 14. Performance levels for structural members given in TSC (2007).

According to TSC (2007), plastic curvature demand of
a structural member is found as;

¢p=99p/l'p: (1)

where; Ly is the plastic hinge length of member which is
depth/2, 6, values are the plastic rotation of hinges in
last step of pushover analysis.

Total curvature demand is calculated by Eq. (2) as;

¢ = ¢p+ ¢y: (2)

where; ¢y is the curvature at first yield, gathered from
cross-section analysis in XTRACT program for each section.

After calculating the total curvature demand ¢, the
compressive strain of concrete (&) and tensile strain of
reinforcement bars (&s) at that total curvature is found
by sectional analysis in XTRACT software.

Storey drift ratio checks for both cases were made. A
story drift ratio of 0.02 is given for Life Safety limit in TSC
(2007). Storey drift ratio checks are given in Table 2 for
both PushX and PushY cases. It is observed that story
drift ratios calculated for both directions meet the Life
Safety performance limits.
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Table 2. Storey drift ratio checks for PushX and PushY cases.

Push X Storey Drift Ratio
Storey h (m) Life Safety Limit Control
Ol max (m) 6i/h
1 3.2 0.0039 0.0012 < 0.02 OK
2 3.2 0.0049 0.0015 < 0.02 OK
3 3.2 0.0050 0.0016 < 0.02 OK
PushY Storey Drift Ratio
Storey h (m) Life Safety Limit Control
Oi max (M) 6i/h
1 3.2 0.0116 0.0036 < 0.02 OK
2 3.2 0.0136 0.0043 < 0.02 OK
3 3.2 0.0136 0.0043 < 0.02 OK

Shear Capacity Control of structural members are car-
ried under the maximum shear demand (Vmax) gathered
from PushX and PushY cases for different sections. Ac-
cording to TSC (2007), following shear calculations are
used for shear failure assessment.

Concrete’s contribution to section’s shear strength is
calculated with Eq. (3) as;

. =08-0.65f.im b, d(1+0.07-N/A,), (3)
where; fom = tensile strength of concrete = 0.35Vfom; bw =

width of section; d = effective depth of tensile reinforce-
ment; N = axial force on member; A. = area of section.

Steel reinforcement bars’ (stirrups) contribution to
section’s shear strength is calculated with Eq. (4) as;

Vs=As'fys'(d/S)' (4)

where; fys = yield strength of stirrups; As = Total area of
stirrups; s = spacing of stirrups.

TSC (2007) states that if total sectional shear
strength of member (V: = V. + Vi) is greater than maxi-
mum shear demand (Vmax) under the last step of Pusho-
ver analysis, the section is safe against shear failure. In
Table 3, shear capacity control of different cross-sec-
tions is presented.

Table 3. Shear capacity control of members.

V: (kN) Vimax (KN)
Structural Member Type Ve (kN) Vs (kN) Control
(Ve+V5) PushX PushY
25/50 Beams 66.96 40.83 107.79 41.14 86.64 OK
30/60 Beams 97.84 49.72 147.56 28.99 38.97 OK
30/70 Beams 114.98 58.43 173.41 130.99 129.17 OK
Type 1 Columns 176.99 72.93 249.92 86.52 137.82 OK
Type 2 Columns 132.14 61.93 194.07 107.36 92.87 OK
Type 3 Columns 118.89 62.04 180.93 31.50 129.58 OK
Type 4 Columns 87.18 51.04 138.22 16.28 64.68 OK
Type 5 Columns 133.80 62.04 195.84 61.87 79.68 OK
Type 6 Columns 111.54 62.04 173.58 45.66 104.51 OK
Type 7 Columns 186.71 72.93 259.64 161.95 139.66 OK

Maximum shear demand (Vmax) values are obtained
for each cross-section type among all structural mem-
bers. In Table 6, shear capacity control of different cross-
sections is presented. From the details in structural de-
sign project, beams and columns have single hoop stir-
rups (8 mm diameter) with 250 mm and 200 mm spac-
ing as shear reinforcements, respectively. The results
show that design shear forces do not exceed the calcu-
lated shear capacity for all the members considered.

The damage levels of beams under PushX and PushY
casesare given in Tables 4 and 5. Abbreviations used are;
“LD” for Light damage level, “MD” for Moderate damage
level, “HD” for Heavy damage level and “CL” for collapse
damage level.

It has been observed that for PushX case, all of the
beams are in “Light Damage Level”. In PushY case, B117,
B217, B222 and B317 beams are in “Moderate Damage
Level”. Other beams are in “Light Damage Level”.
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Table 4. Performance level of beams under Push X case.

Damage Damage
Member B(m) H(m) HingeNo L,(m) 6p (rad) bp by Prot & Es Level Level Result
(Concrete)  (Steel)
357H1 0.3 0.000678 0.002261 0.002250 0.004511 0.000248 0.002315 LD LD
B101 0.30 0.60 LD
357H2 - - - - - - - - -
306H1 0.25 0.000182 0.000726 0.002727 0.003453 0.000207 0.001415 LD LD
B104 0.25 0.50 LD
306H2 - - - - - - - - -
223H1 0.35 = = = = = = = =
B106 030  0.70 LD
223H2 0.35 0.000883  0.002523  0.002185  0.004708  0.000567  0.002347 LD LD
246H1 = = = = = = = = =
B107 0.30 0.70 LD
246H2 0.35 0.001368  0.003909  0.002185  0.006094  0.000902  0.005404 LD LD
352H1 0.35 0.000837  0.002392  0.001859  0.004251  0.000330  0.005379 LD LD
B110 030 070 LD
352H2 = . . . . . . . .
26H1 0.3 0.000857  0.002856  0.002250  0.005106  0.000248  0.002315 LD LD
B201 030  0.60 LD
26H2 = = = = = = = = =
17H1 0.25 0.000208  0.000832  0.002727  0.003559  0.000207 0.001474 LD LD
B204 0.25 0.50 LD
17H2 - - - - - - - - -
4H1 - - - - - - - - -
B206 030 070 LD
4H2 0.35 0.000808  0.002309  0.002185  0.004494  0.000567  0.002347 LD LD
2H1 - - - - - - - - -
B207 030 070 LD
2H2 0.35 0.001232  0.003520  0.002185  0.005705  0.000567  0.002347 LD LD
21H1 0.35 0.001057  0.003020  0.001859  0.004879  0.000330  0.005379 LD LD
B210 030 070 LD
21H2 - - - - - - - - -
58H1 0.3 0.000665  0.002215  0.002250  0.004465  0.000248  0.002315 LD LD
B301 030  0.60 LD
58H2 - - - - - - - - -
49H1 0.25 0.000078  0.000312  0.002727  0.003039  0.000189  0.001231 LD LD
B304 0.25 0.50 LD
49H2 - - - - - - - - -
36H1 - - - - - - - - -
B306 030 070 LD
36H2 0.35 0.000042  0.000120  0.002185  0.002305  0.000380  0.001193 LD LD
53H1 0.35 0.001052  0.003006  0.001859  0.004865  0.000330  0.005379 LD LD
B310 030 070 LD
53H2 - - - - - - - - -
37H1 0.35 0.000107  0.000306  0.001895  0.002201  0.000181  0.001293 LD LD
B315 030 070 LD
37H2 - - - - - - - - -

In order to evaluate the seismic performance of col-
umns, axial force-total curvature diagrams were estab-
lished by indicating the previously mentioned damage
limits. Seismic performance level of columns with axial
force-total curvature diagrams is given in Fig. 15. From
the pushover analysis, there is only one plastic hinge
mechanism observed under PushX case at C307 column

which is in Light Damage level. For PushY case, there are
many plastic hinge mechanisms observed. Note that the
figures represent results for seven different types of col-
umns. The damage levels of columns under PushX and
PushY cases are given in Table 6. As presented in Table
6, damage level for all the columns was determined as
“Light Damage” level.
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Table 5. Performance level of beams under Push Y case.

Damage Damage
Member B(m) H(m) HingeNo L,(m) 6p (rad) bp by Prot & Es Level Level Result
(Concrete)  (Steel)

357H1 0.3 0.000248 0.000827 0.002250 0.003077 0.000205 0.001537 LD LD

B101 0.30 0.60 LD
357H2 0.3 0.000066 0.000220 0.002424  0.002644 0.000284  0.001247 LD LD
358H1 - - - - - - - - -

B102 0.30 0.60 LD
358H2 0.3 0.000164 0.000547 0.002250 0.002797 0.000195 0.001394 LD LD
306H1 0.25 0.000904 0.003616 0.002992 0.006608 0.000437 0.002379 LD LD

B104 0.25 0.50 LD
306H2 0.25 0.001407  0.005628  0.002727  0.008355  0.000365  0.005446 LD LD
307H1 0.25 0.000220  0.000880  0.002727  0.003607  0.000214  0.001510 LD LD

B105 0.25  0.50 LD
307H2 0.25 0.001050 0.004200 0.002992 0.007192 0.000437 0.002379 LD LD
390H1 0.35 0.001875  0.005357  0.001859  0.007216  0.000330  0.005379 LD LD

B113 0.30 0.70 LD
390H2 0.35 0.000850  0.002429  0.002458  0.004887  0.000860  0.002412 LD LD
391H1 0.35 0.001311  0.003746  0.001859  0.005605  0.000330  0.005379 LD LD

B114 0.30 0.70 LD
391H2 - - - - - - - - -
294H1 0.35 0.001937  0.005534  0.001895  0.007429  0.000400  0.005386 LD LD

B115 0.30  0.70 LD
294H2 0.35 0.002883  0.008237  0.002099  0.010336  0.000831  0.006372 LD LD
295H1 0.25 0.002145  0.008580  0.002727  0.011307  0.000365  0.005446 LD LD

B116 0.25  0.50 LD
295H2 0.25 0.001062  0.004248  0.002992  0.007240  0.000437  0.002379 LD LD
296H1 0.25 0.002835  0.011340  0.002727  0.014067  0.000444  0.008643 LD LD

B117 0.25 050 MD
296H2 0.25 0.004958  0.019832  0.002992  0.022824  0.000991  0.011800 LD MD
132H1 0.35 0.002461  0.007031  0.001895  0.008926  0.000400  0.005386 LD LD

B118 030 070 LD
132H2 0.35 0.002320  0.006629  0.002099  0.008728  0.000831  0.006372 LD LD
86H1 0.25 0.000306  0.001224  0.002860  0.004084  0.000462  0.005497 LD LD

B119 0.25 050 LD
86H2 - - - - - - - - -
299H1 0.25 0.001055  0.004220  0.002860  0.007080  0.000462  0.005497 LD LD

B120 0.25  0.50 LD
299H2 0.25 0.001833  0.007332  0.003320  0.010652  0.000930  0.005446 LD LD
300H1 0.25 0.002075  0.008300  0.002727  0.011027  0.000365  0.005446 LD LD

B121 0.25  0.50 LD
300H2 0.25 0.000783  0.003132  0.002992  0.006124  0.000437  0.002379 LD LD
301H1 0.25 0.002403  0.009612  0.002727  0.012339  0.000365  0.005446 LD LD

B122 0.25  0.50 LD
301H2 0.25 0.004586  0.018344  0.002992  0.021336  0.000810  0.008653 LD LD
392H1 0.35 0.002224  0.006354  0.001859  0.008213  0.000330  0.005379 LD LD

B123 030 070 LD
392H2 0.35 0.000586  0.001674  0.002458  0.004132  0.000765  0.002049 LD LD
393H1 0.35 0.001519  0.004340  0.001859  0.006199  0.000330  0.005379 LD LD

B124 030 070 LD
393H2 0.35 0.000501  0.001431  0.002458  0.003889  0.000728  0.001890 LD LD
26H1 0.3 0.000331  0.001103  0.002250  0.003353  0.000215  0.001682 LD LD

B201 0.30  0.60 LD
26H2 0.3 0.000191  0.000637  0.002424  0.003061  0.000299  0.001450 LD LD
27H1 - - - - - - - - -

B202 0.30  0.60 LD
27H2 0.3 0.000300  0.001000  0.002250  0.003250  0.000202  0.001643 LD LD
17H1 0.25 0.000691  0.002764  0.002992  0.005756  0.000422  0.002281 LD LD

B204 0.25 050 LD
17H2 0.25 0.001230  0.004920  0.002727  0.007647  0.000365  0.005446 LD LD
18H1 0.25 0.000121  0.000484  0.002727  0.003211  0.000197  0.001324 LD LD

B205 0.25  0.50 LD
18H2 0.25 0.000887  0.003548  0.002992  0.006540  0.000437  0.002379 LD LD
29H1 0.35 0.001673  0.004780  0.001859  0.006639  0.000330  0.005379 LD LD

B213 030 0.70 LD

29H2
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Table 5 contd. Performance level of beams under Push Y case.

Damage Damage
Member B(m) H(m) HingeNo L,(m) 6p (rad) bp by Prot & Es Level Level Result
(Concrete)  (Steel)
30H1 0.35 0.000085 0.000243 0.001859 0.002102 0.000157 0.001277 LD LD
B214 0.30 0.70 LD
30H2 = . . - . . . - -
5H1 0.35 0.001878 0.005366 0.001895 0.007261 0.000400 0.005386 LD LD
B215 0.30 0.70 LD
5H2 0.35 0.002291 0.006546 0.002099 0.008645 0.000831 0.006372 LD LD
6H1 0.25 0.001841 0.007364 0.002727 0.010091 0.000365 0.005446 LD LD
B216 0.25 0.50 LD
6H2 0.25 0.000691 0.002764 0.002992 0.005756 0.000422 0.002281 LD LD
7H1 0.25 0.002268 0.009072 0.002727 0.011799 0.000365 0.005446 LD LD
B217 0.25  0.50 MD
7H2 0.25 0.005033 0.020132 0.002992 0.023124 0.000991 0.011800 LD MD
1H1 0.35 0.002259  0.006454  0.001895  0.008349  0.000400  0.005386 LD LD
B218 030 070 LD
1H2 0.35 0.001707  0.004877  0.002099  0.006976  0.000831  0.006372 LD LD
3H1 0.25 0.000138  0.000552  0.002860  0.003412  0.000319  0.002364 LD LD
B219 0.25 050 LD
3H2 = . . . . . . . .
10H1 0.25 0.000804 0.003216  0.002860  0.006076  0.000462  0.005497 LD LD LD
B220 0.25 0.50
10H2 0.25 0.001268  0.005072  0.003320  0.008392  0.000930  0.005446 LD LD
11H1 0.25 0.001911  0.007644  0.002727  0.010371  0.000365  0.005446 LD LD
B221 025  0.50 LD
11H2 0.25 0.000648  0.002592  0.002992  0.005584  0.000422  0.002281 LD LD
12H1 0.25 0.002098  0.008392  0.002727  0.011119  0.000365  0.005446 LD LD
B222 0.25 050 MD
12H2 0.25 0.004629  0.018516  0.002992  0.021508  0.000991  0.011800 LD MD
31H1 0.35 0.001752  0.005006  0.001859  0.006865  0.000330  0.005379 LD LD
B223 030 070 LD
31H2 - - - - - - - - -
32H1 0.35 0.000602  0.001720  0.001859  0.003579  0.000215  0.002158 LD LD
B224 030 070 LD
32H2 - - - - - - - - -
58H1 0.3 0.000201  0.000670  0.002250  0.002920  0.000197  0.001495 LD LD
B301 030  0.60 LD
58H2 0.3 0.000068  0.000227  0.002424  0.002651  0.000284  0.001247 LD LD
49H1 0.25 0.000529  0.002116  0.002992  0.005108  0.000413  0.002009 LD LD
B304 0.25 0.50 LD
49H2 0.25 0.001223  0.004892  0.002727  0.007619  0.000365  0.005446 LD LD
50H1 0.25 0.000106  0.000424  0.002727  0.003151  0.000186  0.001284 LD LD LD
B305 0.25 0.50
50H2 0.25 0.000945 0.003780  0.002992  0.006772  0.000437  0.002379 LD LD
61H1 0.35 0.001075  0.003071  0.001859  0.004930  0.000330  0.005379 LD LD LD
B313 030 070
61H2 - - - - - - - - -
37H1 0.35 0.001432  0.004091  0.001895  0.005986  0.000400  0.005386 LD LD
B315 030 070 LD
37H2 0.35 - - - - - - - -
39H1 0.25 0.000839  0.003356  0.002727  0.006083  0.000243  0.002292 LD LD
B317 0.25 050 MD
39H2 0.25 0.004504 0.018016  0.002992  0.021008  0.000991  0.011800 LD MD
33H1 0.35 0.001037  0.002963  0.001895  0.004858  0.000400  0.005386 LD LD
B318 030 070 LD
33H2 0.35 - - - - - - - -
44H1 0.25 0.000867  0.003468  0.002727  0.006195  0.000243  0.002292 LD LD
B322 0.25 050 LD
44H2 0.25 0.004188  0.016752  0.002992  0.019744  0.000810  0.008653 LD LD
63H1 0.35 0.000792  0.002263  0.001859  0.004122  0.000330  0.005379 LD LD
B323 030 070 LD

63H2
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Table 6. Performance level of columns.

Member P (kN) B(m) H(m) HingeNo Lp(m) 6p (rad) bp by Prot Result

270H1 0.25 0.001164  0.004656  0.004277  0.008933

C101 538.93 0.25 0.50 LD
270H2 - - - - -
274H1 0.15 0.000736 0.004907 0.008646 0.013553

C102 595.59 0.30 0.60 LD
274H2 - - - - -
266H1 0.25 0.003177 0.012708 0.002762 0.015470

C103 117.48(T) 0.25 0.50 LD
266H2 0.25 0.002377 0.009508 0.002762 0.012270
250H1 0.20 0.001934  0.009670  0.006110  0.015780

C104 860.18 0.70  0.40 LD
250H2 0.20 0.000015  0.000075  0.006110  0.006185
254H1 0.20 0.002467  0.012335  0.004374  0.016709

€105 55.93 0.60  0.40 LD
254H2 0.20 0.002267  0.011335  0.004374  0.015709
258H1 0.20 0.002563  0.012815  0.004337  0.017152

C106 93.52 0.60  0.40 LD
258H2 0.20 0.002802  0.014010  0.004337  0.018347
262H1 0.20 0.001294  0.006470  0.006159  0.012629

€107 877.94 0.70  0.40 LD
262H2 - - - - -
237H1 0.30 0.002397  0.007990  0.003323  0.011313

€108 825.90 0.30  0.60 LD
237H2 = = = = =
241H1 0.30 0.002207  0.007357  0.004013  0.011370

C109 641.76 0.30  0.60 LD
241H2 - - - - -
245H1 0.30 0.002224  0.007413  0.003491  0.010904

C110 770.62 0.30  0.60 LD
245H2 - - - - -
225H1 0.30 0.002553  0.008510  0.002679  0.011189

C111 39.15 0.30  0.60 LD
225H2 - - - - -
229H1 0.15 0.000504  0.003360  0.007244  0.010604

C112 334.01 0.30  0.60 LD
229H2 - - - - -
233H1 0.15 0.000370  0.002467  0.007391  0.009858

C113 326.97 0.30  0.60 LD
233H2 - - - - -
275H1 - - - - -

€202 366.22 0.30  0.60 LD
275H2 0.15 0.000086  0.000573  0.007593  0.008166
267H1 0.25 0.002603  0.010412  0.002942  0.013354

€203 74.62 (T) 025  0.50 LD
267H2 0.25 0.002425  0.009700  0.002942  0.012642
251H1 0.20 0.000504  0.002520  0.005323  0.007843

C204 560.89 0.70  0.40 LD
251H2 0.20 0.001928  0.009640  0.005323  0.014963
255H1 0.20 0.002636  0.013180  0.004354  0.017534

€205 43.53 0.60  0.40 LD
255H2 0.20 0.003489  0.017445  0.004354  0.021799
259H1 0.20 0.003264  0.016320  0.004307  0.020627

€206 76.31 0.60  0.40 LD
259H2 0.20 0.003618  0.018090  0.004307  0.022397
263H1 - - - - -

€207 558.21 0.70  0.40 LD
263H2 0.20 0.000777  0.003885  0.005334  0.009219
238H1 0.15 0.000002  0.000014  0.008392  0.008406

€208 558.36 030  0.60 LD
238H2 0.15 0.000262  0.001747  0.008392  0.010139
242H1 0.30 0.000006  0.000020  0.003497  0.003517

€209 403.17 0.30  0.60 LD
242H2 0.30 0.000732  0.002440  0.003497  0.005937
247H1 - - - - -

€210 509.00 0.30  0.60 LD
247H2 0.15 0.000215  0.001433  0.008138  0.009571
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Table 6 contd. Performance level of columns.

Member P (kN) B(m) H(m) HingeNo Lp(m) 6p (rad) bp by Prot Result

276H1 - - - - -

C302 155.33 0.30 0.60 LD
276H2 0.15 0.001248 0.008320 0.006641 0.014961
268H1 0.25 0.001958 0.007832 0.003053 0.010885

C303 48.62 (T) 0.25 0.50 LD
268H2 0.25 0.002389 0.009556 0.003053 0.012609
252H1 0.20 0.002105 0.010525 0.004728 0.015253

C304 27212 0.70 0.40 LD
252H2 0.20 0.003594  0.017970 0.004728 0.022698
256H1 0.20 0.003827  0.019135  0.004306  0.023441

€305 22.89 0.60  0.40 LD
256H2 0.20 0.005194  0.025970  0.004306  0.030276
260H1 0.20 0.003404  0.017020 0.004181 0.021201

C306 38.52 0.60  0.40 LD
260H2 0.20 0.004685  0.023425  0.004181  0.027606
264H1 0.20 0.001154  0.005770 0.004774  0.010544

€307 28891 0.70  0.40 LD
264H2 0.20 0.002676  0.013380  0.004774  0.018154
239H1 0.30 0.000256  0.000853  0.003225  0.004078

€308 291.96 0.30  0.60 LD
239H2 0.30 0.002950  0.009833  0.003225  0.013058
243H1 0.30 0.000469  0.001563  0.002992  0.004555

€309 179.03 0.30  0.60 LD
243H2 0.30 0.002586  0.008620  0.002992  0.011612
248H1 0.15 0.000088  0.000587  0.006918  0.007505

€310 266.88 0.30  0.60 LD
248H2 0.15 0.000918  0.006120  0.006918  0.013038

6. Conclusions

A school building was totally collapsed during the
2011 Van earthquake. In this paper, a numerical model
was created considering projects and in-situ investiga-
tions made after earthquake. In accordance with Turkish
Seismic Code (TSC, 2007), pushover analyses were per-
formed and expected member by member damage levels
and overall structural damage were determined. Accord-
ing to numerical results, the expected member damage
levels of columns, beam and shear walls are less than or
equal to the moderate damage level given in the code.
Additionally, the expected overall structural earthquake
performance according to Turkish Seismic Code (TSC,
2007) is life safety. These numerical results are com-
pletely different from the actual case. The analyses car-
ried out in this study, clearly showed that the school
building would not have partially collapsed, if it had been
properly constructed as planned during design phase. As
explained in detail above, the violation of reinforcement
detailing rules as well as use of poor quality of concrete
seem to be the main reason of actual damage. It should
be noted that available earthquake performance assess-
ment methodologies do not consider this type of local
deficiencies that can cause partial or total collapse. In or-
der to prevent similar potential future catastrophic con-
sequences, it is strongly recommended that local prob-
lems should be taken into consideration in the seismic
performance assessment procedures. For doing that,
more information is needed on the behavior of substand-
ard existing structural members and their connections

which fail through various mechanisms due to poor re-
inforcement detailing and low-quality concrete. Since
there are only limited studies on this type of behavior,
the inclusion of effects of these local deficiencies on
structural modelling is not taken into the scope of the
current study.
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